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ABSTRACT
The use of high strength steels (HSS) has been gradually increasing since
1930s. However, research and knowledge about HSS lagged, preventing its
widespread applicability in seismic resistance structures. Due to the lack
of sufficient theoretical and experimental studies regarding ductility, defor-
mation of structures, and rotational capacity of connections made by HSS,
current codes recommend that connections remain in the elastic range. Under
seismic events, high demands for local and global deformation are imposed
on structural elements, connections and details. Designers should look into
strain and deformation of the steel and ensure that the material meets the
required criteria given in the design code. Since HSS needs further inves-
tigation, using steels greater than S460 is prohibited in the current design
codes. In order to develop a more practical HSS, research within the last few
decades has focused on the problem of creating steels with greater strength,
good weldability and reasonable ductility. This thesis focuses on semi-rigid
—partial strength— connections with components made from new bainitic
steel, an alloy possessing greater ductility, strength and weldability due to
its particular microstructure formation at a temperature range of 250-550oC.
Connections between members are the regions where the material is exposed
to higher deformation demands. Thus, use of bainitic steel in extended end-
plates is of great benefit due to its higher strength and ductility. The behav-
ior of extended end-plate connections is evaluated using component based
mechanical model. Yield line method is used to measure the geometry of
the end-plates. Furthermore, comparisons of bainitic steel with conventional
high strength and normal steels are presented. In this thesis S960 and A36
are chosen as conventional HSS and normal steel, respectively. It is shown
that HSS in semi-rigid connections which are designed to yield at the joints
instead of the beam ends results in more economical column sections, end-
plate cross-sections, and bolt sizes. Utilizing HSS in semi-rigid connections
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also reduces the weight of the structure and hence its inertial load. Moreover,
the results of this research show that using bainitic and S960 HSS eliminates
the necessity of continuity plates and web stiffeners in connections. Hence,
significant savings in construction period and labor cost can be achieved.
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CHAPTER 1
INTRODUCTION
1.1 Problem Description and Motivation
Welded beam-to-column connections had been frequently used in seismic de-
sign in the United States prior to the Northridge earthquake in Los Angeles,
California in 1994. However, brittle fractures in welded beam-to-column
connections were widespread in the Northridge earthquake. The same prob-
lem was observed in welded beam-to-column connections in the Hyogo-Ken
Nanbu earthquake in Kobe, Japan only a year after in 1995. While these
failures did not cause the complete collapse of buildings or incur many casu-
alties, they did motivate engineers to address the problem of the widespread
brittle failure of connections. The SAC Steel Project was begun to determine
the causes of these failures and was expanded in a second phase of research
as the SAC Joint Venture to focus on improving the seismic performance of
various connections including bolted connections. Bolted connections have
been examined as an alternative to fully welded beam-to-column connections
for achieving seismic resistance in highly seismic zones. The investigations in-
cluded experimental and analytical modeling of bolted end-plate connections
for use in seismic force-resisting moment frames. Most of these modeling
approaches of beam-to-column connections were based on well-established
mechanical principles using the material and geometrical properties of struc-
tural components. Recently, finite element methods have been increasingly
used to investigate the behaviors of connections. Rassati et al. (2004) have
demonstrated that a component-based approach is an effective compromise
between the simplified global modeling and detailed finite element meth-
ods. This research utilizes the analytical yield line method and a mechanical
component-based model to investigate the behavior of extended end-plate
beam-to-column connections under seismic loads. In this thesis, the yield
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line analytical model is used to measure the width of the end-plate and to
define its bolt diameters and thickness. A component-based model is utilized
to compute the initial stiffness and flexural capacity of the connections. In
the past few years, High Strength Steel (HSS) has been increasingly used in
the construction of buildings and structures in highly seismic zones in or-
der to take advantage of its higher performance in tensile stress, toughness,
weldability and corrosion compared to mild steel (Coelho, 2006). However,
there is a lack of knowledge about the behavior of HSS in the literature.
Research should focus on the characterization of the connected members or
connections composed of HSS. Since connections between structural members
are regions where the material is exposed to higher deformation demands,
minimizing the cross-sections of connection components by using HSS can
provide economic benefits. Unfortunately, conventional HSS possesses poor
deformation capacity compared to mild steel, which makes it undesirable for
seismic-resistant structures. Thus, developing high strength steels of greater
thickness and strength with good weldability and reasonable ductility has
been the focus of research within the last few decades. An effective method
for obtaining enough ductility or post-yielding deformability is to reduce the
yield ratio of steels used in structures. Bainitic steel that is developed for
structural purposes has a yield ratio of about 0.7 compared to conventional
HSS, which has a ratio of 0.9, making it worthy of investigation.
1.2 Objectives and Scope of Research
The focus of this research is to design the connections using HSS in order
to concentrate yielding at the connections instead of the ends of the beams.
Moreover, the connection response is characterized and the connected mem-
ber cross-sections are minimized. In order to achieve these objectives; the
following tasks have been completed:
• Examination of the properties of new bainitic steel
• Development of an analytical yield line model for beam-to-column con-
nections
• Development of a component-based mechanical model of beam-to-column
connections to obtain their behavior
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• Comparison of rigid and semi-rigid connection behaviors under seismic
loading
• Comparison of normal steel, conventional HSS and bainitic steel be-
haviors under seismic loading
• Analytical evaluation of seismic performances of structures by modeling
connections composed of HSS
Dogramaci et al. (2010), Coelho (2004), Nader and Astaneh (1992) claim
that overall weight reduction can be obtained by using semi-rigid connec-
tions. Using HSS in addition to semi-rigid connections is expected to result
in further weight reduction of designed structures. Furthermore, designing
connections with higher quality steel is predicted to ensure yield mechanism
control due to the yield point scatter control of HSS.
1.3 Thesis Organization
This thesis contains nine chapters. CHAPTER 2 presents a literature re-
view of the application of high strength steels (HSS) in steel construction
and discusses its benefits and drawbacks. Then new bainitic steel is intro-
duced as alternative high strength steel due to its better weldability, duc-
tility and capability of handling greater loads. The material and chemical
properties of bainitic steel are summarized and compared to conventional
HSS. CHAPTER 3 explains the concept of semi-rigid/partially restrained
connections in steel structures. The classification of connection types is il-
lustrated by referring to current design codes. The fundamental concepts
of analytical, component-based and finite element models are summarized
in the section concerning the modeling of connection behavior. CHAPTER
4 describes the design of extended end-plate connections. The general pro-
cedure for evaluating extended end-plates is clarified in this chapter. An
illustration of the classifications of end-plate connections and a discussion of
their design requirements are also included. CHAPTER 5 demonstrates the
prediction of moment-rotation curves of semi-rigid extended end-plate con-
nections. Flexural resistance and initial stiffness of connections are evaluated
using a component-based model. CHAPTER 6 characterizes the design of
frames with semi-rigid connections. Stability analysis and capacity design
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of unbraced systems are performed, and seismic design requirements of EN
1998-1-8 (2005b) and AISC Seismic Design Provisions are expressed. The
description and design of a sample building are given. CHAPTER 7 intro-
duces the modeling of a sample building using the Zeus-NL analysis program.
Eigenvalue problems, static pushover analysis and time history analysis are
also performed. This section discusses the design criteria for steel struc-
tures and clarifies the selection criteria of earthquake records. CHAPTER 8
presents the analysis results from the study. The geometry of connections is
introduced. Eigenvalue analysis, static push-over analysis and dynamic time
history analysis are completed in order to evaluate the seismic performance
of structures. Ten different natural earthquake motions are used in this anal-
ysis. Six of them are chosen from far-field and four of them from near-field
records. CHAPTER 9 summarizes the concluding remarks from this the-
sis research. Potential applications and recommendation are presented for
future studies.
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CHAPTER 2
PROPERTIES AND USE OF BAINITIC
STEEL
2.1 Introduction
High strength steels have been used for many years. The family of construc-
tion steels with a yield stress ranging from 480 MPa to 960 Mpa (70 ksi to 100
ksi) is called High Strength Steel. Due to its higher tensile strength, tough-
ness, weldability, and corrosion resistance compared to mild steel grades,
engineers have been using HSS to a greater extent in the construction of
buildings and bridges in regions subjected to earthquake hazard. HSS has
many advantages such as weight reduction due to its high strength, fewer
mass-dependent dynamic forces, lighter and thinner sections, and larger elas-
tic strength for resisting dynamic forces due to moderate earthquakes. On the
other hand, the disadvantages of HSS have led engineers to continue to use
normal steel, especially in highly seismic areas. Since there is no correspond-
ing increase in the modulus of elasticity of HSS as the yield stress increases,
problems of serviceability become one of the most important problems. Sause
and Fished claim that vibration and deflection need to be carefully reviewed
and that creative structural forms will need to evolve in order to minimize
this problem (as cited in Galambos et al, 1997). The other significant con-
cern about HSS is that the experience needed to establish confidence in the
steel design profession is currently limited. Galambos et al (1997) addressed
some perceived problems such as higher yield stress to tensile stress ratio of
HSSs and limited ductility and slenderness. Generally, HSSs have a higher
yield stress to tensile stress ratio than conventional steels and thus, it is ex-
pected that the inelastic stability criteria used in structural design standards,
which strongly depends on the strain-hardening properties, will be adversely
affected (Galambos et al, 1997). Slenderness limits imposed by high stress
and high stress to tensile strength ratio may result in uneconomical structures
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(Galambos et al, 1997). Yet another issue which is preventing engineers from
using HSS in highly seismic zones is its limited ductility. As a consequence,
the application of high strength steels has been confined solely to the elastic
range for many decades.
2.2 High Strength Steels
2.2.1 Performances of High Strength Steel in Structures
In civil construction, the need for materials with variety of properties for
different conditions leads to continuous technological innovation. These in-
novations are not made for only the improvement of the materials but also
methods for fabrication, joining and construction. Steel has been used more
than 100 years as a construction material and it has been improved since then.
Primary structural steels used to have yield stresses of 220 MPa to 250 MPa
(32 ksi to 36 ksi) with high carbon contents. This explains why the primary
steels were difficult to weld. In mid 1900s, new carbon-manganese steels with
significantly lower carbon content (i.e. much better weldability) were started
to be applied in civil constructions. HSS in constructions became popular
when high-rise buildings began to appear in large cosmopolitan areas in the
1960s. First generation HSS had 350 MPa (50 ksi) strength then with the
development of quenched and tempered steel, 690 MPa strength steels were
manufactured to be used for especially in long span bridges. Brockenbrough
(1992) claimed that S690 grade steels were not possible to achieve sufficient
deformation capacity when used for beams and girders. The laboratory tests
conducted by him had showed that tension flange of several sizes of shapes
would fail in brittle fracture before the fully plastic moment was reached. In
addition, the rotation capacity of the shapes were not satisfactory. Steels
for plate and bar products were also available with strength values range
between 485 and 690 MPa and these materials are capable of delivering the
kind of strength, deformability, ductility and weldability that are required
for structural purposes (Bjorhovde, 2010). In recent years, steels with yield
stresses of 960, 1160 and 1360 MPa are produced however the practical appli-
cations of these steels did not entered into consideration of civil engineering
structures (Bjorhovde, 2010). Design codes and tradition design in steel are
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mostly focused on the strength of the material for the structural performance
demand. However many design considerations show that the structural stiff-
ness governs the final solution. Since the modulus of elasticity is the same
for all steel grades, the advantages of high strength steel cannot be fully uti-
lized. For instance, beam deflections due to service loads are controlled by
the bending stiffness EI while the strength of the material does not play any
role (Bjorhovde, 2010). As another example, building structures must sat-
isfy the requirements for inter-story and drift material strength under lateral
force, for which the material strength tends to be of secondary importance
(Bjorhovde, 2010). On the other hand steel strength is crucial for tension
members. This is also the case for stock members and engineers who use this
feature in civil engineering structures. Deformation capacity and ductility
demands for structural elements in high strength versus low strength steels
are rarely critical issues, with the exception of tension members. In recent
years significant research work in the use of high strength steels for detailed
elements in various types of connections was conducted. Coelho et al. (2009),
Jordao et al. (2008) and Dubina et al. (2008) had worked on the end-plate
connections using S690 and S960 steel grades. Moze and Beg (2008) have
worked on high strength bolted connections. The goal of their research was
to use the high strength steel in the connection obtain the redistribution of
the of bolt forces. The ductility of the high strength connection was a con-
cern in this study. However results demonstrated that the force distribution
takes place without any overloading or other unacceptable behavior.
2.2.2 Properties of High Strength Steels
Acceptable response in the building structure which is almost always gov-
erned by serviceability was the key element for development of high strength
steel. Therefore, building responses are controlled by the stiffness. Many
researches on development of high strength steel were focused on materials
with better-defined strength and welding properties and to have substantial
ductility and toughness to resist the propagation of cracks (Bjorhovde, 2010).
Besides, the corrosion is a major problem for structures that will directly ex-
posure the weather conditions.
Tensile Properties: Mid-yield stress of 350 MPa steels for buildings and
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490MPa steel grades for bridges were utilized in 1900s. With the develop-
ment of steel production, higher (ultra high) strength steels started to be
manufactured in the mid-1960s.
Ductility: Ductility is typically measured by the elongation at fracture of a
uni-axial tension specimen. In this study, beam to column connection behav-
ior is investigated to understand the response of high strength steel elements
under high-demand rotation conditions. Rotation capacity is limited to 0.03
rad. As indicated at AISC code. Conventional steels have 0.90 yield-to-
tensile ratio which leads non-ductile behavior.
Chemistry of HSS: Strength is controlled by carbon contents in the ma-
terial. Carbon contents changes between 0.12 to 0.26 percent depending on
the grade, thickness and type of steel. More carbon contents increase the
strength of the material however decrease the ductility and weldability of
the steel thus low carbon steels are more appropriate to use in structures
which exposed extensive loading.
Weldability: Welding properties of steels are one of the most important
issues in civil structures. Primary high strength steels had lower weldability
than current HSSs. Tempered and quenched HSS and new bainitic steels
have good weldability.
Corrosion Resistance: Corrosion resistance can be described by weather-
ing characteristics of HSSs and other grades of steels. The weathering sand
stainless steel have been allowing structures to be build without painting or
using other kind of corrosion resistance methods.
In conclusion, recent HSS have the necessary strength, deformation capac-
ity, good weldability and corrosion resistance. However, conventional high
strength steels have high yield to tensile ratio which significantly affects the
ductility of the material. With higher yield to tensile ratio, the work hard-
ening exponent and uniform elongation is lowered (Hulka, N.D)*. Therefore,
Eurocode requires yield to tensile ratio less than 0.91 to allow the plastic
design approach.
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Table 2.1: Average characteristic values for the structural steel (Coelho and
Bijlaard, 2006)
Steel Grades E (MPa) Est (MPa) fy (MPa) fu (MPa) ρy st uni f
S960 201800 1141 952 1051 0.91 - 0.0411 0.154
2.2.3 Mechanical Properties of Conventional High Strength
Steel
Table 2.1 shows the mechanical properties of high strength steel used in this
study. These average characteristic values of the structural steels has adopted
from Coelho and Bijlaard (2006). These values found by using standard
tension testing of steel material of end plates, complying with the European
standard EN 10002-1 and the recommendations from RILEM (Coelho, 2006).
2.2.4 Description of Bainitic Steel
Depending on alloy content, bainite is an acicular microstructure that forms
in steels between temperatures 250-550oC. Davenport and Bain (1930) have
discovered that a new microstructure consisting of an acicular, dark etching
aggregate which was quite unlike the perlite or martensite observed in steel.
Fig. 2.1 shows the microstructure of the bainitic steels.
Early work for the nature of bainite was about the similarity of martensite
and it is believed that bainite is formed with a supersaturation of carbon
(Bahadeshia, 2001). Vilella et al. (1936) found that the transformation
involves abrupt formation of flat plates of supersaturated ferrite along certain
crystallographic planes of the austenite grain. Ferrite was then expected to
decarburize by rejecting carbon at rates depending on temperature, leading
to the formation of carbide particles which were quite unlike the lamellar
cementite phase associated with perlite. This transformation was considered
as martensitic (Bhadeshia, 2001). In 1939, after Bain had retreated this
idea and worked on the isothermal transformation, this topic became very
popular. This led to the clarification of microstructures and acquired the
data on the bainitic reactions. However , even though the technique was well
established, there were still some difficulties. The upper boundary of bainite
was overlapping with the ferrite, thus it was hard to distinguish bainite and
ferrite phases.
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Figure 2.1: Microstructures in eutectoid steel: (a) Pearlite formed at 720oC;
(b) bainite obtained by isothermal transformation at 290oC; (c) bainite
obtained by isothermal transformation at 180oC; (d) martensite.
(Bhadeshia, 2001)
Microstructure of Bainitic Steel
Bainite is a non-equilibrium transformation phase of austenite which evolves
by cooling rates such that the diffusion-controlled transformation (i.e. pearlite)
is not possible, yet the cooling is sufficiently slow to avoid the diffusionless
transformation into thermal martensite. Upper bainite consists of clusters
of platelets of ferrite, which share identical crystallographic orientations that
are intimately connected to the parent austenite phase in which they grow.
As the temperature decreases, some of the carbon precipitates within the
ferrite plates as cementite transforms to the lower bainite structure. Fig. 2.2
shows the main differences in carbon partitioning and precipitation.
Bainite forms by the decomposition of austenite at a temperature which is
above Ms while below that temperature fine pearlite formation is observed.
Fig. 2.3 shows the bainitic microstructure occurs between the pearlite and
martensite form.
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Figure 2.2: Main differences in carbon partitioning and precipitation
Figure 2.3: Phase diagram
Mechanical Properties of Bainitic Steel
Strength: In principle strength of bainite can be factorized into components
consisting of the intrinsic strength of pure iron, substitution solid solution
strengthening contributions, strengthening due to carbon and variety of mi-
cro structures.
Hardness: Hardness of bainite increases linearly with carbon concentration
by approximately 190 HV wt%. The unit of hardness is measured Vickers
Pyramid Number (HV) or Diamond Pyramid Hardness (DPH) tests.
1. In the case of super saturated carbon this amount changes to 950 HV
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Figure 2.4: Estimated contributions to the strength of a fully bainitic steel
per wt%.
2. Temperature does not affect the hardness unless the temperature is not
high enough to dissolve all the carbides.
Low carbon concentration ensures that the macrostructure almost fully
bainitic for all of temperatures studied. These contrasts with higher carbon
alloys, where the hardness first decreases when transformation temperature
is reduced, because of the friction of bainite and then increases at the expense
of residual phases like martensite and pearlite.
Tensile Strength: (450 - 2080 MPa)
Carbon content affects the yield strength of steel because carbon atoms fit
into the interstitial crystalline lattice sites of the body-centered cubic (BCC)
arrangement of the iron atoms. As can be seen from the Fig. 2.6 below, ce-
mentite is the most common carbide; it‘s precipitate is in a coarse form with-
out substantial coherency strain. Bainitic steel has a great tensile strength
range depending on its chemical contents. For instance, tensile strength of up
to 900 MPa has been achieved by adding molybdenum, niobium and boron.
In recent years, ultra high strength steels have been started to get used in
automotive industry for safety concerns. However ultra strength steels are
not ductile enough to use in civil engineering structures.
Ductility: Low carbon bainitic steel and martensitic steels always show su-
perior tensile ductility when compared with their high-carbon counterparts.
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Figure 2.5: Hardness of bainitic steel related to temperature
Figure 2.6: Tensile strength versus temperature of maximum rate of
transformation (Bhadeshia, 2001)
It is found that ductility may increase by reducing carbon concentration of a
fully bainitic steels while maintaining its strength using substitution solid so-
lution strengthening. Ductility also depends on particle size. If particle size
is greater then ductility improves while strength is reduced. Fig. 2.7 shows
an illustration of how a large density of void nucleating particles can result
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Figure 2.7: Particle sizes in bainitic steel
Figure 2.8: True stresses versus true strain of bainitic steel
in fracture with low overall ductility. In Fig. 2.8 dt represents the diameter
of microstructure.
Impact Toughness: Toughness is a measure of the energy absorbed during
fracture. A square section notched bar is fractured under specified conditions
and the energy absorbed during fracture is taken as a measure of toughness.
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Figure 2.9: Charpy Notched test
Figure 2.10: Energy absorption and stress relations with temperature
(Bhadeshia, 2001)
Cleavage Stress: This is the force which pulls adherent apart by separating
two rigid surfaces. Flow stress is defined as the stress required for sustaining
plastic deformation at a particular strain.
Yield Ratio
High strength steels provide higher performance in tensile stress, toughness,
weldability, cold forming and corrosion compared to mild steel grades. From
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the mechanical point of view, HPS structures have large elastic strengths
however there is no corresponding increase in the Young modulus as the
yield stress increase which may cause some problems in terms of serviceabil-
ity of structures. One of the effective methods for obtaining enough ductility
or post-yielding deformability of buildings is to reduce the yield ratio and in-
crease deformation. Conventional HSS generally possess poor deformability
because of the yield ratio rising with increasing strength. Nowadays, struc-
tural designs are controlled by stiffness. In this respect, designers should
ensure that the deformation of the members and connections will be ade-
quate in terms of requirements. Terada et al. (1990) discussed the effects of
processing variables in the plate rolling on the mechanical properties and mi-
crostructures of plates based on the metallurgical principle of reducing yield
ratio (YR) by changing the microstructure of steel into dual-phase structure
composed of a soft ferrite and a hard phase (bainite and martensite) to clarify
the metallurgical factors affecting YR of steels. The iron and steel institute
of Japan has proposed to keep the target value of YR of HT60 structural
steel below 80%. However, the post yielding deformability does not always
increase even though YR is merely kept low. It is also essential to make
strain hardening modulus lower to make uniform elongation larger and to
minimize the scattering of yield strength (YS). Terada et al. (1990) found
that YR is mainly depends on the area fraction of ferrite and ferrite grain
size in case of dual phase structural steel comprising a soft phase and hard
phase. According to their research, to ensure 80% or less YR, area fraction
of ferrite of 60% or more and ferrite grain size 10 mm or more together with
600oC is required.
Weldability
Terada et al. (1990) observed that the welded joint shows sufficient strength
and heat affected zone (HAZ) toughness. The tensile strength of welded joint
containing the softened zone was higher than that of the base material and
hence the softening or HAZ poses no problem for practical use. Table 2.3
summarizes the material properties of bainitic steel. In this research steel
type A is used to model semi rigid partial connections.
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Table 2.2: Welding condition (Terada et al., 1989)
Table 2.3: Average characteristic values for the structural steel (Coelho and
Bijlaard, 2006)
Steel Plate Thick. Test Direction YS TS El YR u
(in) Position (KSi) (KSi) (%) (%) (%)
A 0.47 Full thick. T 65.41 83.25 37 78.6 21.0
A 0.98 Full thick. T 67.73 88.18 42 76.8 19.0
B 1.97 1/4t T 66 86.30 31 76.5 16.6
C 3.03 1/4t T 66.57 87.60 31 76 16.1
2.3 High Strength Steels versus Normal Steels
Bainitic steel has recently been developed for the building industry, specifi-
cally to exploit their low yield to tensile strength ratio. High-rise earthquake
resistant structures require strong, weldable steel sections. Furthermore, it is
important that these sections have high ductility after reaching yield capac-
ity in order to sustain localized deformations without collapsing. Williams
et al. (1991) claimed that steel is the only cost-efficient construction mate-
rial which confers reliability to constructed structures subjected to seismic
loads. During the earthquake, beams and columns of the building framework,
which support axial loads, experience bending moments. The maximum mo-
ment that a beam can support before plastic collapse is reduced when the
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Figure 2.11: Moment-rotation curves of high strength steel beam-columns
YR is large. On the other hand, conventional steel for these applications is
first quenched to mixed microstructures of bainite and martensite and then
tempered; any attempt to increase the yield strength also increases the YR.
However, this is not the case for dual phase steel, for which the heterogene-
ity of the microstructure lowers the yield strength but increases the tensile
strength (TS). The bainitic steel is developed for structural engineering pro-
poses and has a yield ratio of about 0.7 while conventional steel has a ratio
of 0.9. Columns and beams in building frames subjected to seismic forces are
exposed to a stress state under a moment gradient as shown Fig. 2.11a. In
this case, the plastic deformation capacity of steel members is also affected
by their yield to tensile strength ratio. Figure 2.11b shows the results of a
relation between M/Mp and θ/θp with varying axial force ratios (p) which
can be obtained by dividing a working axial force by a yielding axial force
(Terada et al., 1990). This test results clearly show that low yield ratio steel
has higher ductility, namely larger deformation capacity.
The steel is produced by controlling the rolling forces and temperature;
the forced cooling cycle determines the exact mix of phases and precise me-
chanical properties (Bhadeshia, 1990). Typical properties of plates ranging
in thickness from 0.47 in-3.15 in are 67 ksi YS, 87 ksi TS, 35% elongation and
>200 J of Charpy impact energy at ambient temperature. Welding does not
degrade these properties (Bhadeshia, 1990). Other advantages of bainitic
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Figure 2.12: Relationships between tensile strength to yield ratio of
conventional and bainitic steel
steel are low cost, high elongation, lightness of components and increased
corrosion strength compared to normal carbon steel, and decreased pollu-
tion due to the replacement of oil with water during the cooling process.
Furthermore, low cost alloying is necessary after bainite microstructure has
been formed. Relationship between the tensile strength and yield ratio of
conventional steel and new bainitic steel is depicted in Fig. 2.12. Besides the
low yield ratio, other bainitic steel essentials are as follows;
• Lower strain hardening modulus in the σ- curve
• Larger uniform elongation
• Minimum scattering of yield strength
2.4 Application of Bainitic Steel in Civil Engineering
Structures
Even though, bainitic steels have very good mechanical properties, they have
just been used in transportation industry (i.e. railways and wheels). There
is not any beam to column connection application as not any bainitic steel
profile. Besides, even though material scientists recommended that bainitic
steels have potential to be used in steel building components, currently there
19
is not any application in this respect. It is important to answer the question
that why civil engineers should interested in bainite steel. The answer is as
follows;
• Least expensive maximum strength steel known (1100-2080MPa)
• High elongation (8-9 %) (10-11 % rare)
• Lighter than normal carbon steel (depends on components)
• Environmentally friendly due to water cooling process
• No costly alloying is needed after bainite microstructure
• Strength of bainites phase based on microstructure is not as signifi-
cantly derogated by an inherently weak heat affected zone (HAZ) after
welding operations.
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CHAPTER 3
SEMI-RIGID CONNECTIONS IN STEEL
STRUCTURES
In current practical steel design, beam-to-column connections are assumed
to be either pinned or fully rigid. In reality, all connections exhibit behavior
somewhere in the spectrum between these two assumptions. Simplification
of design procedure on beam-to-column connections can lead to an incor-
rect estimation of the real behavior of the structure. However, because of
the lack of experimentation on this subject, engineers have not been able
to establish confidence in the design of semi-rigid frames. Semi-rigid frames
have not yet been accepted because firstly, they are more difficult to design
and secondly, the seismic behavior of the structures is still not well under-
stood. This study seeks to understand the seismic behavior of semi-rigid
frames with HSS connections in order to determine whether or not they can
be used in highly seismic regions. This section summarizes general informa-
tion about semi-rigid frames and discusses connection types, categorization
of connection behavior, code requirements for semi-rigid connections (Eu-
rocode 3 (1997) and AISC (2005)) and modeling of connection behaviors. In
the current study, extended semi-rigid end-plate connections are investigated
while general information about end-plates is given in the following chapter.
3.1 Classification of Connections by Type
3.1.1 Connection Types
Various types of connections present different rotational characteristics that
influence frame responses. Commonly used sections are shown in Fig. 3.1.
The method of fastening and the kind of connecting components are the
two main factors that affect the frame behavior. Traditionally, fully welded
connections have been considered as rigid in structural design. On the other
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hand, the use of bolts can make the connection partially strength as a result of
their design. Bolted connections show more complex responses between two
adjacent elements and the hysteretic loops of bolted connections are pinched
while fully rigid connections present smooth hysteretic loops. The hysteretic
loops of the two connection types can be seen in Fig. 3.2 (Kim, 2009). In
addition to connecting method (bolts vs. welds), the connecting members
also influence the connection behavior. Angles, t-stubs or end-plates can be
used to connect two adjacent panels. Twelve classifications are identified
for partially restrained (PR) connections — which is neither fully rigid nor
pinned connection — such as; single web cleat (single angle), web site plate
(shear tab), double web cleats (double angle), flange cleats(flange angles),
bottom flange cleat and web cleat (seat and web angle), header plate (shear
end-plate), flush end-plate, extended end-plate, combined web and flange
cleats (angles), tee stub, top plate and seat cleat (angle), tee stub and web
cleat (angle).
Ballia et al. (1987) have examined the influence of detailing of the connec-
tions by testing 14 specimens with different splices and stiffeners. Hysteretic
loops derived from the tests results are shown in Fig. 3.2 and (a) represent
the fully welded connections, (b) end-plate connections, (c) flange-plate con-
nections, and (d) angle connections. This hysteretic loops show that welded
connections has very stable hysteretic loops with low strength deterioration,
while the response of the end-plate is smooth however there is small pinching
effects which caused by nonlinear contact problem between the end-plate and
column flange (Kim, 2009).
When joint properties involved to global behavior of frames following ob-
servations can be recognized (Faella et al, 2000):
1. Elastic analysis must be based on linear moment-rotation relationships
of connections,
2. Rigid-plastic analysis must be based on the design moment resistance
of the connections,
3. Elastic-plastic analysis must be based on nonlinear modeling of the
whole moment-rotation curve of connections.
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(a)
(b)
(c)
Figure 3.1: Connection Types (Kim, 2009)
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Figure 3.2: Hysteretic loops of connections (Ballio et al., 1987)
3.1.2 Categorization of the Connection Behavior
To evaluate the joint behavior, three criteria need to be adopted:
1. rotational stiffness
2. flexural resistance
3. plastic rotation supply
In the case of elastic design, the classification system requires only the
rotational stiffness criterion leading to three categories: rigid, semi-rigid and
pinned connections. Semi-rigid connections are designed to provide a pre-
dictable degree of interaction between members, based on the design moment-
rotation characteristics of the joints. Rigid and pinned connections are more
traditional in connections. Pinned connections are usually used in braced
systems while rigid connections which are more expensive in installation are
used in moment-resistance frames. However, the third alternative connec-
tion type which is semi-rigid connections is still not recommended in AISC
manual (2005c). On the other hand, Eurocode 8 (1997) permits the design
of semi-rigid connections. There are many studies in literature about the
classification of the connections. In this study AISC (2005b) and Eurocode
EN1998-1-8 (2005b) will be referred in the next section.
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3.1.3 Code Requirements for Semi-Rigid Connections
AISC Code Requirements
AISC (2005b) categorizes the moment connections into two parts: semi-rigid
and rigid connections.
Connection Stiffness Initial stiffness of the connection Ki is insuffi-
cient to determine the behavior of connections because of the nonlinearity
(Fig. 3.3). For this reason, AISC uses the secant stiffness for determining the
connection behavior. If the secant stiffness Ks is greater than 20EIb/Lb then
the connection is assumed as a rigid connection. If the secant stiffness is less
than 2EIb/Lb then the connection is assumed as a rigid connection. On the
other hand, the stiffness of the semi-rigid connections is between these two
parameters.
Figure 3.3: Stiffness and connection capacity characteristics of semi-rigid
connections
Connection Capacity Connection capacity is the maximum momentMn
that can be carried by the structure (Fig. 3.4) and can be determined by us-
ing capacity model. If the local maximum values cannot be found then the
moment value which is assigned for 0.02 radian can be used as a connection
capacity. On the other hand, AISC (2005c) has minimum requirements for
the connection capacity. If the connection capacity is less than the required
capacity then the connection is assumed as pinned connection. In (Fig. 3.4),
Mn is the maximum capacity of the connection and corresponding point θn
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is the rotation of the joint. θu is the maximum rotation capacity of the con-
nection and it is determined by 80% of the connection capacity. Semi-rigid
connection capacity can be either greater than the beam capacity or less
then the beam capacity. In this study, connection capacities are modeled as
30% and 60% of the beam plastic moment capacity as well as rigid connec-
tions. These two connection capacity is chosen to appropriately represent
the connection behavior. 30% connection capacity does not exceed the AISC
(2005a) rotation capacity requirements in any cases while 60% is mostly bet-
ter represents the real behavior. Reliability analysis and the results have
been shown in Appendix C.
Figure 3.4: Classification of connections
Eurocode Requirements
A connection in Eurocode (2005a) which is dependent on the frame type (i.e.
braced frame or unbraced frame) is classified in terms of connection capacity
and stiffness.
Connection Capacity
1. Rigid Connection (Full Strength): If the plastic moment capac-
ity of the connections is greater than the connected beam and column
plastic moment capacity then the connection is called as a rigid con-
nection.
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Table 3.1: Classification in terms of connection stiffness
Connection Stiffness Braced Frames Unbraced Frames
Sj,A 8EIb/Lb 25EIb/Lb
Sj,B 0.5EIb/Lb 0.5EIb/Lb
2. Nominally Pinned: If the plastic moment capacity of the connection
is less than the 25% of the rigid connection plastic moment capacity
then connection is assumed to be a pinned connection.
3. Partial Strength: If capacity of the connection is between these two
values then the connection is assumed to be a semi-rigid connection.
Connection Stiffness
Table 3.1 can be used for classification of the connections by determining
the stiffness of the connection in Eurocode EN1993-1-8. In this table E,
Ib and Lb are elastic modulus of beam, moment of inertia and the distance
between the two column lines, respectively.
1. Pinned Connection: If the initial stiffness of the moment resisted
connection is less than 0.5EIb/Lb then the connection is called a pinned
connection. Besides, pinned connection might be able to transfer the
internal forces without creating moment which affects the all system or
the elements negatively. Rotation capacity of the connection must be
acceptable under design forces requirements.
2. Rigid Connection: If the connection stiffness is greater than 25EIb/Lb
then the connection is classified as a rigid connection.
3. semi-rigid Connections: If the connection stiffness of the moment
resistant frame is between these two values which is described above
then the connection is assumed to be a semi-rigid connection.
3.2 Influence of Joint Behavior on Unbraced Frames
Typically semi-rigid connections are used in low-rise structures where the
stiffness of connections is taken into account to prevent the need for brac-
ing of the frame to resist lateral loading in wind and low-seismic regions.
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Figure 3.5: Classification of connections in terms of connection stiffness
However semi-rigid frames have been considered for regions that experience
higher seismic activity to improve the overall efficiency of the structure, it is
therefore useful to examine the behavior of semi-rigid frames under seismic
conditions. Kartal (2010) draw significant conclusions by working on four
story structure. An equivalent static earthquake load was applied to the
structure corresponding to the first mode of vibration for a simple structure
as specified by seismic design code. This can serve as a rough analogy for
wind loading and improve understand of general frame behavior under lateral
load.
Kartal (2010) modeled a four story structure subject to an equivalent seis-
mic load, the column-to-column connections are assumed to be rigid, and
the beam-to-column connections are assumed to be PR connections result-
ing in two cantilevers connected intermittently by beams which simulates
the desired mechanism for a strong-column-weak-beam design philosophy.
The connection stiffness was varied throughout the analysis to determine the
impact upon internal member forces and drift resulting in Figs. 3.7 and 3.8.
When the connections are fully pinned the two columns act purely as
cantilevers, when the connection stiffness is increased the structure begins to
behave as a frame. The internal moment of frame members reduces the most
when the connection stiffness is increased to 10% from a pinned condition
while there is little reduction when the stiffness varies in the range from
50% to a rigid connection. From Fig. 3.7 it is observed that the shear force
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Figure 3.6: Finite element model of frame under equivalent seismic load
(Kartal, 2010)
in vertical members does not vary with connection stiffness. There is no
axial force in the columns when the connections are assumed to be pinned;
once the connection stiffness is increased axial forces appear and increase the
most significantly when the pin condition is increased to a 10% connection
yet the least variation is from the 75% to fully rigid connection. Finally, the
horizontal deflection of the system is most significant when the connections
are assumed to be pins and reduced the most when the connections were
increased to a 10% connection while the smallest variation is from the 50%
to fully rigid connection. This insight into the variation of internal loads
as a function of the connection stiffness is valuable as it enables the design
engineer to choose how to change the stiffness of connections depending upon
the change desired of internal loads.
3.3 Modeling of Connection Behavior
3.3.1 Modeling of Connection
Sophisticated analysis methods require using the most accurate behavior of
beam-to-column connections in the analysis. For this reason, panel zone, col-
umn flange and connections can be modeled individually as shown in Fig. 3.9.
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(a) (b)
Figure 3.7: (a) Internal moment as connection stiffness varies (b) Internal
shear as connection stiffness varies Kartal, (2010)
(a) (b)
Figure 3.8: (a) Internal axial forces as connection stiffness varies (b)
Horizontal displacement as connection stiffness varies Kartal, (2010)
On the other hand, to simplify the modeling, Fig. 3.10 is used by Eurocode
EN 1993-1-8 (2005b) for an accurate modeling of the joint behavior.
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Figure 3.9: Krawinkler model for connection modeling
Figure 3.10: Modeling of the joint by means of separate rotational springs
(Eurocode 3, ENV 1993-1-1, 1997)
3.3.2 Mathematical Representation of Moment-Rotation
Curves
The best way to determine the real behavior of moment-rotation relationships
is experimental testing; however, it is very expensive for practical engineering
use. Thus, much work has been done to obtain moment-rotation curves
by using analytical models. Rathbun (1935) utilized the linear model by
using mathematical expressions to define M-θ curve. Chen and Lui (1986)
also proposed bilinear models as shown in Fig. 3.11b. Razzaq (1983) used
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piecewise linear model (Fig. 3.11c) which represented by a series of straight
lines. In 1969 Sumner (2001) used more sophisticated model to define M-θ
curves. The following polynomial equation used by Sumner (2003) expresses
the rotation in terms of moment.
θ = C1(KM) + C2(KM)
3 + C3(KM)
5 (3.1)
where K is the standardization factor dependent on the connection type
and geometry and the Ci (i=1,2,3) curve fitting constants. Even though
the polynomial model represents reasonably well the moment-rotation be-
havior of the connection, stiffness may become negative at some values of
M (Lee and Moon, 2002). These negative values can be problematic in the
numerical analysis of the frames. Richard and Abbott (1975) and Ramberg-
Osgood (1943) created power model functions which well represented the
real behavior of the connection after which Kishi and Chen (1986) defined
an exponential model to accommodate any sharp change in slope in the M-θ
as fallows;
(a) (b)
(c) (d)
Figure 3.11: Mathematical representations of the moment-rotation curves
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M = M0 +
m∑
j=1
Cj [1− e−
|θ|
2jα ] +
n∑
k=1
Dk(θ − θk)H [θ − θk] (3.2)
where M0 is the starting value of the connection moment, α is a scaling
factor, and Cj is a curve fitting constant obtained from a linear regression
analysis.
Moment-rotation curves (M-θ) of beam-to-column connections should be
accurate for reliable analysis of semi-rigid moment steel frames. The degree
of refinement of the mathematical representation of the M-θ curve has to
be selected accounting for the computational capabilities of the computer
programs for analyzing semi-rigid frames. Fig. 3.11 shows mathematical
representations of M-θ curves discussed above.
The simplest representation but also the least accurate is the linear repre-
sentation that overestimates the connection stiffness at finite rotations. Stark
and Bijlaard (1988) obtained significant improvement with a bilinear model.
Despite not being able to account for the continuous changes of stiffness in
the knee region of the connection M-θ curve, bilinear representation used in
computer programs for analyzing semi-rigid frames. In order to overcome
this limit, Moncarz and Gerstle (1981) developed trilinear and Poggi & Zan-
donini (1985) was developed multilinear models. Finally, a very high degree
of accuracy can be obtained by means of nonlinear representations (Faella,
2000).
Many studies show that trilinear mathematical models of semi-rigid con-
nections accurately represent the real behavior of the connections when sim-
ple spring modeling shown in Fig. 3.12 is used. The representation of the
moment- rotation curve suggested by Eurocode 3 (1997) is very close to the
linear representation with plastic rotational stiffness is equal to zero. On the
other hand, there is not any model for representation of M-θ curves in the
AISC code (2005a). Trilinear representation of curve requires five parame-
ters such as rotational stiffness, first yielding moment, post-yielding moment,
plastic moment and plastic rotational stiffness. Initial stiffness and plastic
moment capacity of the connections are mainly two parameters that must be
computed to draw moment-rotation curves.
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Figure 3.12: Trilinear model for semi-rigid connections (Eurocode EN
1993-1-8, 2005)
3.3.3 Existing Models
Yield Line Mechanism
The requirements of end-plate connections according to AISC Steel Design
Guides 4 (2003a) and AISC Steel Design Guide 16 (2003b) are as follows;
• All bolts are tightened to a pretension not less than that given in current
AISC specifications, however for the slip-critical connections require-
ments are not needed.
• The design procedures are valid both for ASTM A325 and ASTM A490.
• The smallest possible bolt pitch generally results in the most economi-
cal connections. The recommended minimum pitch the diameter of the
bolt plus 1/2 in. for bolts up to 1 in diameter and 3/4 in. for larger
dimensions.
• All of the shear force at a connection is assumed to be resisted by the
compression side bolts. End-plate connections have to be designed as a
slip-critical connection. For end-plate connections, shear is negligible.
• The gage of the tension bolts must not exceed the flange width.
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• Beam web to end-plate welds in the vicinity of the tension bolts are
designed to develop the yield stress of the beam web.
• Only the web to end-plate between the mid depth of the beam and the
inside face of the beam compression flange may be used to resist the
beam shear.
From AISC Seismic Provisions (2005a), required strength of connection is
determined from the expected yield stress RyFy. Ry is defined as in (3.3)
and is 1.5 for Fy = 36 ksi, 1.1 for Fy = 50 ksi, where Fymin is the minimum
yield stress of the grade of steel.
Ry =
Fex
Fymin
(3.3)
Yield line method is primarily used in analysis of the concrete slab by
Johansen (1972) and recently adopted to strength analysis and design of end-
plate connections. A yield line is continuous formation of plastic hinges along
a straight or curved line (Ryan, 1999a). When yield-lines form kinematic
collapse mechanism, it is assumed that the end-plate reaches its yield line.
There are two different methods to perform yield line analysis; i) equilibrium
equations, and ii) virtual work method. The later method is usually used for
steel end-plate connections. In this method, internal virtual work is taken
equal to external virtual work to determine the design force which causes the
collapse mechanism. Srouji et al., (1983) are defined the yield line mechanism
for end-plate connections and made some assumptions as follows,
• Axes of rotation generally lie along lines of support
• Yield lines pass through the intersection of the axes of rotation of ad-
jacent plate segments.
• Along every yield line, the bending moment is assumed to be constant
and is as the plastic moment of the plate.
Considering these assumptions, accurate analysis of yield line mechanism
can be performed. Next, the external work of a unit rotation of the end-plate
is found and set equal to the internal work of the relative rotation of the
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plane sections divided by yield lines. This equation can either be solved for
the unknown loading or the moment capacity of end-plate connections. The
controlling the yield line mechanism is that which corresponds to the greatest
plastic moment capacity or the smallest failure modes. Yield line models
which belong to different types of connections are given in the AISC (2003b).
In Fig. 3.13, the yield line model for four-bolted end-plate connections is
depicted.
Figure 3.13: Yield line pattern and virtual displacement of a four-bolt
extended unstiffened connection (AISC, 2003c)
Component Based Modeling
Component based modeling approaches rely on analytically representing in-
dividual sources of flexibility such as shear panel, end-plates or angles etc.
and derive overall connection response by assembling the components con-
tributions. Wales and Rossow (1983) developed component based model for
double web angle connections. The connection is idealized with two rigid bars
linked by nonlinear springs as shown Fig. 3.14. the angle, column flange flex-
ural deformations and bolt elongations are accounted under tension while
the column web is the only component assumed to contribute under com-
pression. This component based model approach extended by Richard et al.
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(1988) to evaluate the behavior of top and seat angle with double web an-
gle connections. Tschemmernegg and Humer (1988) examined the behavior
of welded end-plate connections. Fig. 3.15 shows the mechanical model of
end-plate connection where nonlinear spring sets introduced. Spring set A
simulates the load introduction effect from beam-to-column while spring set
B simulates the shear flexibility of the column web panel zone and spring set
C represents deformability of connecting members.
Figure 3.14: Mechanical model by Wales and Rossow (1983)
Finite Element Modeling
There are many studies in the literature which use the finite element method
to predict the behavior of different types of steel connections and many of
them related with end-plate connections. The earliest papers on the finite
element method for studying moment end-plate connections were written
by Krishnamurthy and Graddy (1976). Authors correlated the results from
elastic, 3D, finite element analysis to those from an elastic 2D, finite element
analysis (Mays, 2000). The solution for the connections is obtained by trial
and error in order to represent the contact problem between the end-plate
and the rigid flange. In their finite element model, the user had to turn off
the spring elements upon each iteration if contact was not made at some
location on the end-plate because of unavailability of contact algorithms.
Bursi and Jaspart (1997) have modeled the tee stub connections to determine
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(a)
(b)
Figure 3.15: Mechanical model by Tschemmetnegg and Humer (1988)
the accuracy and calibration required when using finite elements to model
connection behavior. The contact elements utilized what is called penalty
technique (Mays, 2000). The value was chosen as a penalty parameter and
is similar to placing a spring between bodies. Contact is simulated only for
displacement. Nonlinear finite element analysis represented fairly enough
the real behavior of the connection. Bursi and Leonelli (1994) used beam
elements to model pretensioned and snug tight bolts. The column flange is
considered rigid. End-plate rotation and bolt loads are examined using the
finite element model. Finite element and experimental results show good
correlation. Sherbourne and Bahaari (1997) utilized a three-dimensional fi-
nite element model of a four-bolt unstiffened extended moment end-plate
connection. Material nonlinearities are included and the column side of the
connection is also considered in the analysis.
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CHAPTER 4
DESIGN OF SEMI-RIGID EXTENDED
END-PLATE CONNECTIONS
There is a great amount of research on the design of end-plate connections.
Previous studies were based on the statics and simplification of prying forces,
methods that resulted in thick plates and greater bolt diameters. There
was also research based on yield line theory, which resulted in thinner end-
plates and smaller bolt diameters. End-plate connections were utilized in
pre-engineered structures until 1980s (Ryan, 1999a).
Build-up steel sections, which were primarily used for light, one-story build-
ings, were economically attractive for several reasons. Firstly, since the weld-
ing process of the connection was completed in shop, the construction time
was reduced. Secondly, since welding was already required for built-up mem-
bers, welding of the end-plates was a practical addition. Furthermore, the
end-plate could be cut from the same plate with the flanges of build-up
sections, providing an economical use of the material. Because of these ad-
vantages and better design techniques, engineers have begun to use end-plate
connections in multi-story buildings. End-plate connections were also care-
fully investigated as an alternative to welded connections in highly seismic
regions as a result of the poor performance of flange-welded connections dur-
ing the Northridge (1994) and Kobe (1995) earthquakes.
The Federal Emergency Management Agency (FEMA) has conducted ex-
tensive research on this subject. Particularly during last few decades, re-
searchers have begun to work on the finite element method and the finite
element method together with regression analysis to develop suitable design
equations for the behavior of end-plate connections (AISC Design Guide 4,
2003a). Murray (1988) presented the design methods for both flush end-
plate and extended end-plate connections. Based on the theories by Krish-
namurthy (1978) and Ghassemieh et al. (1983), column side design procedure
was also presented in his study. In addition, to these design methods Mur-
ray (2003a) presented design procedures for the four-bolt unstiffened and
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stiffened end-plate and eight-bolt extended stiffened end-plate connections.
Mann (1968) conducted six beam-to-column end-plate connection tests to
derive the equation for predicting the strength of the end-plate. Surtees
and Mann (1970) developed an alternative equation to Mann’s project and
claimed that the bolt pretension had little effect on the connection stiffness.
Borgsmiller (1995) offered a simplified method for the design of four flush
and five extended end-plate connections. The end-plate strength was found
by using the yield line method. Fifty-two tests showed that prying forces
in the bolts became significant when 90% of the yield line strength of the
end-plate was achieved. According to the Borgsmiller study, the end-plate
was considered ”thick” when the applied load was less than 90% of the plate
strength. In this case, prying actions were not considered. Krishnamurthy
(1978) used finite element analysis to determine end-plate thickness. Prying
forces were neglected and the bolt forces were directly determined from the
flange forces (Sumner, 2003). Sumner and Murray (2001) experimented with
four high-strength bolts per row instead of the usual two-bolt row. Murray
and Shoemaker (2002) offered a guide for the design and analysis of extended
as well as flush end-plate connections. Borgsmiller’s method (1995) was used
for the design procedure in this study. Moreover, the end-plate thicknesses
were determined using the yield line method while the bolt forces were de-
termined by a modified Kennedy method.
Numerous studies were also conducted to investigate the behavior of bolts
in end-plate connections. To predict the bolt forces, a T-stub model in ten-
sion was commonly used. Sumner (2003) presented a unified column flange
bending design procedure for eight-bolt extended end-plate connections. To
predict the strength of the stiffened and unstiffened column flange strength,
yield line analysis was used. Johnstone and Walpole (1981) performed four
cruciform end-plate connections. ”The results show that end-plate connec-
tions can transmit the necessary forces to force most of the inelastic deforma-
tions to occur in the beam. However, connections designed for less than the
capacity of the beam may not provide the required ductility” (AISC Design
Guide 4).
Adey et al. (1998) studied the effects of beam size, end-plate thickness and
energy absorption capacity of the end-plate connections. Twelve connections
were designed with a weak connection strong beam and column approach
while three connections were designed with a weak beam strong connection
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approach. Adey et al. (1998) concluded that end-plate energy capability in-
creases with stiffeners but decreases as the beam size increases. Also, Ryan
and Murray (1999b) concluded that the inelastic rotation capability of flush
end-plates, which are designed to be stronger than the connected beams,
are adequate for seismic design. However, extended end-plate connections
should be designed to force the inelastic behavior into the connected beam.
On the other hand, Dogramaci and Elnashai (2010) concluded that weaker
connections are sufficient to be designed for seismic zones. Finite modeling
of the end-plate connections have also been investigated for a few decades.
Mays (2000) used finite element model to develop a design procedure for an
unstiffened column flange and sixteen bolt wide end-plate connection. Sum-
ner et al. (2000) concluded from experimental results that the column flange
thickness should be greater than or at least equal to the connecting end-plate
to avoid a premature failure of the connection via bolt rapture. Otherwise, a
stiffener should be provided. By using a design equation for strength, Mays
et al. (1999) ensured that bending of the column flange does not control the
design.
Bahaari and Sherbourne (1994) used finite element modeling to predict the
behavior of end-plate connections. In order to predict the behavior and
strength of connection components, 3D modeling was recommended. Bursi
and Jaspart (1998) presented an overview of current developments for esti-
mating the moment-rotation behavior of end-plate connections using finite
element modeling. Coelho and Bijlaard (2006) worked on end-plate bolted
connections and web shear panels of beam-to-column joints made from high
strength steel. Experimental and analytical results show that EN 1993-1-8
(2005b) gives accurate results for T-stub idealization of the tension zone.
However, stiffness properties were overestimated by EN 1993-1-8 (2005b)
while rotation capacity agreed well with the experiment. They draw similar
conclusions for web shear panels (Coelho et al., 2009).
4.1 Classification of End-Plate Connections
End-plate moment connections which are welded to the beam end in shop
and bolted to the beam flange in field, usually use to connect beam to the
column or connect two beams to each other. There are mainly two types
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of end-plate connections as shown in Fig. 4.1 flush end-plate and Fig. 4.2
extended end-plate connections.
(a) Unstiffened (b) Stiffened
Figure 4.1: Flush end-plate connections (Sumner, 2003)
(a) Unstiffened (b) Stiffened
Figure 4.2: Extended end-plate connections (Sumner, 2003)
In flush end-plate connections, end-plate does not exceed the beam depth
while extended end-plate extends beyond the outside of the connecting beam
flanges and at least one row of bolts is positioned outside of the flanges. Both
end-plate connections can be designed as stiffened or unstiffened. Herein,
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extended end-plate connections are considered and it will be further discussed
hereafter. Six bolt extended end-plate connections are used to connect beams
to the columns. One side extended plates have been used for the gravity
only frames however for seismic loading, end-plates should extend the beam
flanges at the both side as shown in Fig. 4.3.
(a) Both side extended end-plate (b) Only one side extended end-plate
Figure 4.3: Examples of extended end-plate connections (Sumner, 2003)
End-plate connections do not require field yielding thus, they might be
time consuming and costly (Sumner, 2000). Simplicity of the connection
increases the erection speed and reduces the costs. However, requirement
of precise beam length is the only disadvantage of these connections. This
problem is a minor problem since computer controlled fabrication has been
in use.
Moment end-plate connections can be classified as a fully restrained (FR)
or partially restrained (PR) connections depending on the configuration of
the end-plates. American Institute of Steel Construction (AISC, 1989) has
classified the frame behaviors with realization of the potential influence of
connections on frame performance. Type 1 commonly designs the rigid
frames which assumes that beam-to-column connections have sufficient rigid-
ity and the angles between beam-to-column does not change. Type 2 is
commonly designed as simple (pinned) frames which assumes that ends of
beams and girders are designed only for shear and free to rotate. Type
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3 is commonly designed as semi-rigid frames which have moment capacity
and rotational capacity of the connection is between type 1 and type 2. A
moment-rotation relation is shown as in Fig. 4.4.
(a) By stiffness (b) By strength
Figure 4.4: Connection classification
In this study extended end-plate connections are modeled as 30% and
60% moment capacity semi-rigid connections to ensure the location of plastic
hinge at the joints instead of at the end of the beams.
4.2 Seismic Design Requirements of End-Plate
Connections
After the Northridge earthquake, seismic design requirements have been
revised and SAC Steel Project was published as SAC Interim Guidelines.
AISC Seismic Provisions for Structural Steel Buildings require that beam-
to-column connections should be designed with sufficient strength to force
development of plastic hinges at the end of the beams. Besides, all elements
in the connection should have sufficient strength to develop the forces result-
ing from the formation of the plastic hinge. This is known as strong column,
strong connection, and weak beam design philosophy. In particular, connec-
tion must be capable of sustaining 0.04 rad. of inter-story drift in the case
where it is used in highly seismic regions.
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4.3 Design of Extended End-Plate Connections
4.3.1 Design Assumptions of Extended End-Plate
Connections Using AISC Design Guides (Yield Line
Theory)
Yield line design method is used for end-plate and column flange bending in
AISC Design Guide (2003a, 2003b, 2003c). The requirements of end-plate
connections according to AISC Steel Design Guides 4 and 16 are as follows;
• All bolts are tightened to a pretension not less than that given in current
AISC specifications, however for the slip-critical connections require-
ments are not needed.
• The design procedures are valid both for ASTM A325 and ASTM A490.
• The smallest possible bolt pitch generally results in the most economi-
cal connections. The recommended minimum the pitch diameter of the
bolt plus 1/2 in. for bolts up to 1 in diameter and 3/4 in. for larger
dimensions.
• All of the shear force at a connection is assumed to be resisted by the
compression side bolts. End-plate connections have to be designed as
a slip-critical connection. For end-plate connections shear is negligible.
• The gage of the tension bolts must not exceed the flange width.
• Beam web to end-plate welds in the vicinity of the tension bolts are
designed to develop the yield stress of the beam web.
• Only the web to end-plate between the mid depth of the beam and the
inside face of the beam compression flange may be used to resist the
beam shear.
Connections design moment, connection bolt strength, end-plate strength
and column flange bending strength are the four design parameters for the
design of extended moment connections subjected to cyclic loading.
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4.3.2 Design Steps of Six Bolt Extended Unstiffened Moment
End-Plates
Design procedures for the six-bolt extended end-plate connections are ex-
plained in this chapter. Following steps are recommended to design a bolted
end-plate moment connection subjected to seismic forces by AISC Design
Guide 4 (2003a) and 16 (2003b).
1. Determine the sizes of connected members and compute the moment
at the face of the column using (4.1).
Muc = Mpe + VuLp (4.1)
Mpe = 1.1RyFyZx (4.2)
where, Vu and d is shear at the plastic hinge and depth of the connecting
beam, respectively. Ry is the ratio of the expected yield strength to
the specified minimum yield strength. For unstiffened connections Lp
is minimum value of the half depth of the connecting beam or three
times of the beam flange.
2. Define the preliminary values of the connection geometry and bold
grade.
3. Determine the required bolt diameter using (4.3).
dbReq′d =
√
2Muc
piφFt(h0 + h1 + h2)
(4.3)
Where Fi and hi is the bolt tensile strength (90 ksi for ASTM A325
bolts and 113 ksi for ASTM A490 bolts) and distance from centerline
of the beam compression flange to the centerline of the ith tension bolt
row.
4. Select a trial bolt diameter to determine the geometry of the end-plate
(g, pfi, pf0, pb, etc.) selecting bolt diameter should be greater than
dbReq′d. Also calculate the no prying bolt moment using (4.4).
Mnp = 2Pt(h0 + h1 + h2) (4.4)
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where
Pt = Ft
(
pid2b
4
)
Pt defines the bolt strength. Ab and db is the nominal cross sectional
area of the selected bolt diameter and bd is the selected bolt diameter,
respectively.
5. Determine the required end-plate thickness using (4.5)
tpReq′d =
√
1.11φMnp
φbFypYp
(4.5)
where,
φ = 0.75
φb = 0.9
Fyp = end-plate material strength
Yp = the end-plate yield line mechanism parameter from AISC
Design Guide 16 Table 4-4.
6. Select end-plate thickness which is greater than required thickness.
7. Calculate the factored beam flange force using (4.6).
Ffu =
Muc
d− tfb
(4.6)
d is the depth of the beam.
8. Check shear yielding resistance of the extended portion of the six bolt
extended end-plate unstiffened element.
Ffu/2 < φRn = φ0.6Fypbptp (4.7)
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where,
φ = 0.9
bp = width of the end-plate
If the (4.7) is not satisfied then end-plate thickness should be increased.
9. Check the shear rapture resistance of the extended portion of the end-
plate
Ffu/2 < φRn = φ0.6FupAn (4.8)
where,
φ = 0.9
An = net area of the end-plate
Fup = minimum tensile strength of the end-plate
If the (4.8) is not satisfied then end-plate thickness should be increased
till the inequality satisfied.
10. The bolt shear rapture strength of the connection is conservatively
assumed to be provided by the bolts at the compression flange, thus
Vu < φRn = φ(nb)FvAb (4.9)
If the (4.9) is not satisfied either increase the bolt diameter or number
of bolts.
11. Check bolt bearing/tear out failure of the end-plate and column flange
using (4.10).
Vu < φRn = φ(ni)Rn−innerbolts + φ(no)Rn−outerbolts (4.10)
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where,
φ = 0.75
ni : number of inner bolts
Rn = 1.2LctFu < 2.4dbtFufor each bolt
Lc : clear distance in the direction of force between the edge of
the hole and the edge of the adjacent hole or edge of the material
t : end-plate or column flange thickness
Fu : minimum tensile strength of end-plate or column flange
db : diameter of bolt
If the (4.10) is not satisfied then end-plate thickness needs to be
changed.
12. Design the flange to end-plate and web to end-plate welds. Column
Side Design
13. Check the column flange for flexural yielding by using (4.11)
tfcReq′d =
√
1.11φMnp
φbFycYc
≤ tfc (4.11)
where,
φ = 0.75
φ = 0.9
tfc : column flange thickness
Yp : the column flange yield line mechanism parameter from
AISC Design Guide 16 Table 4-4.
14. Check the local column web yielding strength of the unstiffened column
web at the beam flanges.
φRn = φCt(6kc +N + 2tp)Fyctwc ≥ Ffu (4.12)
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where,
φ : 1
Ct : 0.5 if the distance from the column top to the top face of
the beam flange is less than the depth of the column
= 1 otherwise
kc : distance from outer face of the column flange to web toe of fillet
N : tf + 2 groove weld reinforcement leg size
Fyc : yield stress of the column web material
twc : column web thickness
d : depth of the beam
tfb : thickness of the beam flange
If the strength requirement (4.12) is not satisfied then stiffeners are
required.
15. Check the unstiffened column web buckling strength at the beam com-
pression flange. when Ffu is applied a distance greater than or equal
to dc/2;
φRn =
φ24t3wc
√
EFyc
h
> Ffu
when Ffu is applied a distance less than to dc/2;
φRn =
φ12t3wc
√
EFyc
h
> Ffu
h is the clear distance between flanges less the fillet or corner radius
for rolled shapes. If strength requirement is not satisfied then stiffeners
are required.
16. Check the unstiffened column web crippling strength at the beam com-
pression flange. when Ffu is applied a distance greater than or equal
to dc/2;
φRn = φ0.8t
2
wc
[
1 + 3
(
N
dc
)(
twc
tfc
)1.5]√
EFyctfc
twc
≥ Ffu (4.13)
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when Ffu is applied a distance less than dc/2;
For N/ dc<0.2,
φRn = φ0.4t
2
wc
[
1 + 3
(
N
dc
)(
twc
tfc
)1.5]√
EFyctfc
twc
≥ Ffu (4.14)
For N/ dc>0.2,
φRn = φ0.4t
2
wc
[
1 +
(
4N
dc
− 0.2
)(
twc
tfc
)1.5]√
EFyctfc
twc
≥ Ffu (4.15)
where dc is the overall depth of the column. If (4.13) trough (4.15) is
not satisfied then stiffeners are required.
17. Check shear yielding and plate buckling strength of the column web
panel zone.
As stated above, design requirement steps can be found from AISC
Design Guide 4 (2003a). Geometric configurations of six bolt extended
unstiffened moment end-plates used in this study are given in Appendix
A.
4.4 Bolt Design
Numerous studies are conducted to investigate the behavior of the bolts
and effects of the prying action within end-plates. Using analogy between
the end-plates and equivalent tee-stub in tension developed the bolt force
prediction methods (Sumner, 2003). Kennedy et al. (1981) presented a
design procedure for tee stub connections. In the first stage of his study, low
load is applied and plate behavior is identified by pure elastic behavior. The
end-plate is identified as a ”thick” and prying forces are not considered. In
the second stage of this research, load is increased and plastic hinges form
in the flange plate. The third stage occurs as a consequence of the plastic
hinges at the bolt line. Plate is classified as ”thin” at this stage and prying
forces were considered as maximum. Design stages can be seen in Fig. 4.5.
Srouji (1983) and Morrison et al. (1985) used a modified Kennedy ap-
proach to predict bolt forces at the end-plate moment connections. Murray
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(a) (b)
(c)
Figure 4.5: Flange behavior models a) Stage 1/ Thick plate behavior b)
Stage 2/ Intermediate plate behavior c) Stage 3/ Thin plate behavior
(AISC,2003c)
et al. (1992) investigated the behavior of end-plate moment connections with
snug-tight bolts subject to cyclic wind loading. Eleven tests conducted and
results converged with the analytical predictions. Ghassemieh et al. (1983)
used regression analysis of finite element studies to predict bolt forces of
extended end-plate connections.
4.5 Column Side Design
Compared to bolt design and end-plate design, column side of end-plate
connections are relatively less popular research subject. Many researchers
observed the behavior of the column during the experimental tests, however
there is not a specific design criteria for the column side of the end-plate
connections.
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4.5.1 Column Web in Shear
Krawinkler and Seneviratna (1998) modeled the column web in shear to pre-
dict the contribution of this component to the overall connection response
(Fig. 4.6). This model was developed based on experimental observations re-
garding the significant post-yield resistance of the panel zone (Coelho, 2004).
4.5.2 Column Flange in Bending
Mann and Morris (1979) conducted experimental studies on the design of
end-plate connections. They described three possible model of column flange
failure and provided equations to predict the strength of each (Sumner, 2003).
Bolt tensile capacity is limited when thinner end-plates are used. Hendrick et
al. (1983) conducted experimental testing and claimed that the method used
by Mann and Morris (1979) was not suitable for the design of the tension
region of four bolt extended end-plate connections.
Figure 4.6: Krawinkler et al. (1998) tri-linear model for web in shear
4.5.3 Column Web in Compression
Kuhlmann and Kuhnemund (2002) performed several tests on the column
web in compression. The post limit behavior of the connection is illustrated
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by two distinct branches as shown in Fig. 4.7. First branch is defined between
plastic resistance and the maximum resistance and the second branch follows
it until fracture (Coelho, 2004).
Figure 4.7: Kulhman and Kuhnemund (2002) model of joint
4.5.4 Column Web in Tension
Moze and Beg (2008) worked on the effect of column web in tension to
the overall behavior of connection. They suggested (4.16) for evaluation
of ultimate deformation.
∆u,cwt = δu,cwtdc (4.16)
where,
δu,cwt = 0
(√
4− 3S2x − Sx
2
)
(4.17)
Sx =
σx
fy,wc
(4.18)
0 is the ultimate transverse strain, which is recommended that this value
should be set as equal to 0.1 in the case that the axial force in the column is
absent.
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CHAPTER 5
MOMENT-ROTATION CURVES OF
SEMI-RIGID CONNECTIONS
Recent practice in steel design assumes that the connection behavior is either
rigid or flexible. However, in reality connections behave between these two
approaches. For this reason, semi-rigid connections have become a hot topic
in steel design within the last few decades. It is important to predict the
moment-rotation curves of the connections appropriately in order to analyze
the real behavior of the connections. A component-based model uses a set of
rigid and flexible parts to simulate the interaction between various sources
of joint deformation. In this approach, springs are combined either in par-
allel or series depending on the way they interplay with each other (Coelho,
2004). Parallel springs undergo the same deformation and series springs are
subjected to the same force. The component-based model groups the com-
ponents according to their type of loading such as tension and compression
or shear. Huber (1996) emphasizes the differences between a simple model
and the EN 1998-1-8 (2005b) model. The EN 1998-1-8 (2005b) model does
not separate panel and connecting zone, which may lead to a non-straight
deformation of the column front in contradiction with experimental evidence.
In addition, the stiff separation bar between tension and compression com-
ponents may interfere with the interaction between these components within
the web panel that exists in reality. In this study, the EN 1998-1-8 (2005b)
model is used to identify the moment-rotation behavior of connections. The
procedure and equations of EN 1998-1-8 (2005b) are listed in the following
sections.
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5.1 Resistance of Semi-Rigid Extended End-Plate
Connections
The joint flexural resistance Mj,Rd is computed by the fallowing equation;
Mj,Rd =
nb∑
i=1
hiFi,Rd (5.1)
where Fi,Rd is the resistance of the i-th bolt row, hi is the distance of the
ith bolt row from the center of the compression and nb is the number of the
bolt rows. Fi,Rd is taken the minimum of (5.2).
Fi,Rd = min(Fcwt,i,Rd, Fcfb,i,Rd, Fepb,i,Rd, Fbwt,i,Rd, Fbt,i,Rd) (5.2)
The values of Fi,Rd are calculated starting from top bolt row till the last bolt
row. Each bolt row is analyzed first individually and then as a group. The
procedure is summarized in EN 1998-1-8 (2005b) as fallows.
1. Compute the plastic resistance of first bolt row:
Ft1,Rd = min(Fcws,Rd/β, Fcwc,Rd, Fbfc,Rd, Fcwt1,Rd, Fcfb1,Rd, Fepb1,Rd, Fbt1,Rd)
(5.3)
2. Compute the plastic resistance of second bolt row:
Ft2,Rd = min(
Fcws,Rd
β
− Ft1,Rd, Fcwc,Rd − Ft1,Rd, Fbfc,Rd − Ft1,Rd, Fcwt2,Rd,
Fcfb2,Rd, Fepb2,Rd, Fbwt2,Rd, Fbt2,Rd, Fcwt(1+2),Rd − Ft1,Rd, Fcfb(1+2),Rd
− Ft1,Rd, Fbt(1+2),Rd − Ft1,Rd) (5.4)
3. Compute the plastic resistance of bolt row 3:
Ft3,Rd = min(
Fcws,Rd
β
− Ft1,Rd − Ft2,Rd, Fcwc,Rd − Ft1,Rd − Ft2,Rd, Fbfc,Rd
− Ft1,Rd − Ft2,Rd, Fcwt3,Rd, Fcfb3,Rd, Fepb3,Rd, Fbwt3,Rd, Fbt3,Rd,
Fcwt(2+3),Rd − Ft2,Rd, Fcfb(1+2+3),Rd − Ft1,Rd − Ft2,Rd) (5.5)
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Table 5.1: Reduction factor ω for interaction with shear (EN-1993-1-8,
2005b)
5.1.1 Column Web
Shear Controlled
Column web slenderness should be less than d/tw < 69 and design shear
force can be found using (6.2)
Fcws,Rd =
0.9y,wcAvc√
3γMo
(5.6)
where Avc is the shear area of the column.
Compression Controlled
The design resistance of an unstiffened column web subject to transverse
compression can be determined from EN 1998-1-8 (2005b) equations.
Fcws,Rd =
ωkwcbeff,cwctwcfy,wc
γMo
(5.7)
where ω is a reduction factor to allow for the possible effects of interaction
with shear in the column web panel according to Table 5.1.
For bolted end-plate connections effective width of the connection is as
follows;
beff,cwc = tfb + 2
√
2αp + 5(tfc + s) + sp (5.8)
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Tension Controlled
Design resistance of unstiffened column web subject to transverse can be
calculated from (5.12).
Fcwt,Rd =
ωbeff,cwttwcfy,wc
γMo
(5.9)
For bolted connections effective width (beff,cwt) should be taken as equal
to the effective length of T-stub. Instead of twc, tw,eff can be used in welded
plates. Design tension resistance depends on the throat thickness of the lon-
gitudinal welds connecting the supplementary web plates. If the longitudinal
web welds are greater than ts. then effective throat thickness can be find as
follows (EN-1993-1-8, 2005b);
for steel grades S 235, 275 or 355 tw,eff = 1.4twc (5.10)
for steel grades S 420 or 460 tw,eff = 1.4twc (5.11)
5.1.2 Column Flange in Bending
EN 1998-1-8 (2005b) stipulate that bolt rows are required to resist tension
both individually and as a group for design resistance and failure mode of
an unstiffened column flange in bending. For unstiffened column flange in
bending design resistance can be calculated using (5.12).
Fcfb,Rd = beff,cfbtfbfy,fb/γMo (5.12)
Effective length for unstiffened column flange can be found from Table 5.2
(EN-1993-1-8).
5.1.3 End-Plate Bending
Same as column flange in bending, each individual bolt row is required resist-
ing in tension and each group bolt rows required to resist tension for design
resistance and failure mode of an end-plate which should be taken as similar
those of an equivalent T-stub flange (Fig. 5.1)). The resistance of end-plate
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Table 5.2: Effective length for unstiffened column flange (EN-1993-1-8,
2005b).
in bending can be evaluated by means of an equivalent T-stub. Effective
lengths can be found by using Table 5.3 and required parameters can be
evaluated from Fig. 5.1.
Table 5.3: Effective lengths for end-plate (EN-1993-1-8, 2005b)
α values can obtained from EN-1993-1-8 using Fig. 6.11.
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Figure 5.1: Definitions of parameters (e, emin, rc and m) EN-1993-1-8
(2005b)
5.1.4 Beam Flange and Web in Compression
This component limits the resistance of the beam-connection system so it
cannot be greater than design resistance. Maximum resistance of the beam
flange is given by;
Fcfb,Rd =Mc,Rd/(f − tfb) (5.13)
where h is the depth of the connected beam, Mc,Rd is the design moment
resistance of the beam and tfb is the flange thickness of the connected beam.
It is important to notify that in seismic resistant structures, beam to column
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joints have to possess a given degree of over strength. For rigid frames to
ensure the location of plastic hinges at the end of the beams instead in the
connections, beam to column joints have to be designed to develop a flexural
resistance greater than 1.20 times of connected beam.
5.1.5 Beam Web in Tension
The resistance of beam web in tension is determined on the basis of con-
siderations similar to the column web in tension. Beam geometrical and
mechanical properties are taking into account on the calculation of beam
web in tension. In bolted end-plate connection, the design tension resistance
of beam web can be calculated using (5.14).
Fbwt,Rd = beff,bwttwbfy,wb/γMo (5.14)
5.2 Initial Stiffness and Rotation Capacity of
Semi-Rigid Extended End-Plate Connections
5.2.1 Initial Stiffness of Semi-Rigid Connections
Many analytical procedures are developed to predict the initial stiffness of
different types of connections. Azzinamini et al (1987), worked on the deriva-
tion of an expression for the initial M-θ slope of a beam-column connection
with top and seat angle and web angles. In this study, extended end-plate
connections have been evaluated. Researches show that simplified tri-linear
model accurately represents the real behavior of semi-rigid connections.
Yee and Melchers (1986) and Faella et al (1995, 1996) applied the com-
ponent based model approach to extended end-plate connections to predict
the joint overall behavior by involving column web panel in shear, column
web in compression, column flange in bending, end-plate in bending, bolts in
tension, column web in tension, beam flange and web in compression, beam
web in tension (Fig. 5.2).
The first six components of the Fig. 5.2 govern both the flexural resistance
and the rotational stiffness of the joint. On the other hand, last two compo-
nents must be used in the evaluation of the joint flexural resistance only. In
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Figure 5.2: Components of end-plate connections
the case of column flange in bending, the bolts in tension, the column web in
tension and the beam flange in tension, components are depend on the num-
ber of bolts in tension and the location of each bolt row. The contribution
of these components has to be considered as both an individual and a bolt
group.
Mechanical model for extended end-plate connections has shown in Fig. 5.3.
In this mechanical model, components influencing both the flexural resistance
and the rotational stiffness are represented by elastic-perfectly plastic spring
elements. Beside that components only providing limitation to the joint
flexural resistance are modeled by rigid plastic elements.
Calculating the initial stiffness of the connections, procedure suggested by
EN 1993-1-8 (2005b) has been shown in Fig. 5.4. In the light of previous
studies, it is indicated that the overall stiffness of the joint is obtained by
the extensional stiffness of individual components. The model simplified by
replacing each assembly of springs in series with their equivalents, which
retain all the characteristics of the springs (Coelho, 2004).
First step of the procedure is the computation for rigidity of the each bolt
by using (5.15).
1
K∗i
=
1
Kcwt,i
+
1
Kcfb,i
+
1
Kepb,i
+
1
Kbt,i
(5.15)
Second step is the evaluation of the equivalent overall stiffness of the tension
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Figure 5.3: Mechanical model for semi-rigid end-plate connections
bolt rows by using (5.16).
Kt =
∑nb
i=1K
∗
i hi
hi
(5.16)
where;
(a)
(b)
Figure 5.4: Procedure for evaluating the joint rotational stiffness
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hi =
∑nb
i=1K
∗
i h
2
i∑nb
i=1K
∗
i hi
(5.17)
hi represents the lever arm.
Finally, initial stiffness of the connection can be calculated by combining
the stiffness of the components independent of the bolt rows with equivalent
overall stiffness.
Kφ =
h2t
1
Kcws
+ 1
Kcwc
+ 1
Kt
(5.18)
Detailed application of the procedure can be found in EN1998-1-8 (2005b).
5.2.2 Rotation Capacity of Semi-Rigid Connections
Rotation capacity of bolted connections has been investigated since 1980s.
The major difference between these studies is the source of non-elastic be-
havior. Some researchers have investigated connected elements (end-plates,
column flange, etc.) while others worked on the inelastic behavior of con-
nected beam sections. The aim of the research on the inelastic behavior of
connected beam sections is to find alternative connection types to rigid con-
nections and to investigate the connection types which plastic hinges occur
at the end of the beams. Popov and Tsai (1989) investigated the behavior
of moment connections. According to their experimental results, end-plate
bolted connections have been shown as an alternative connection type to the
seismic resistant moment frames. In addition, Popov and Tsai (1989) made
an experiment on the behavior of the four bolted extended end-plate con-
nections. Ghobarah et al (1990a) conducted five tests related with stiffened
and unstiffened end-plate connections. Korol et al. (1990) also performed
seven tests on the behavior of extended end-plate connections. The results of
these studies show that appropriately designed extended end-plate connec-
tions can be used for moment frames in highly seismic areas. Ghobarah et al
(1992a) also performed four cyclic behavior tests of stiffened and unstiffened
extended end-plate connections. In these tests, axial force was acted to the
columns. According to the test results, panel zone absorb a great amount
of energy and end-plate helps limiting the inelastic deformation of the panel
zone region.
64
5.2.3 Prediction of Initial Rotational Stiffness
Column Web
Axial stiffness of the spring model can be calculated using (5.19)
Kcws,Rd =
0.38EAvc
βz
(5.19)
where z is lever of arm and β is transformation parameter which can be found
from EN 1998-1-8 (2005b).. Axial stiffness of column web in compression can
be calculated by using (5.20) column web in compression.
Kcwc,Rd =
0.7Ebeff,cwctwc
dc
(5.20)
where beff,cwc is the effective width for stiffness calculation which has to be
computed by considering 45o spreading of the action by the beam compressed
flange as shown in Fig. 5.5.
Figure 5.5: Effective widths for stiffness calculation (Mazzolini, 2000)
Stiffness of the spring element modeling the column web in tension can be
calculated from following equation.
Kcwt,Rd =
0.7Ebeff,cwttwc
dc
(5.21)
where dc is the clear depth of column depth. (5.21) has to be applied in
each bolt row by appropriately computing effective with of column web.
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Column Flange in Bending and End-Plate Bending
Column flange and end-plate in bending can be calculated by means of an
equivalent T-stub. Following equation can be used to calculate the stiffness
of column flange in bending as well as end-plate in bending for each bolt row.
Kcwc,Rd =
Ebeff,cfbt
3
fc
m3c
(5.22)
where mc can be defined from Fig. 5.1 but for extended end-plate mc is
equal to mep and defined in Fig. 5.6.
Figure 5.6: Modeling an extended end-plate as separate T-stub
(EN-1993-1-8, 2005b)
Bolt Row in Tension
Stiffness of bolt row in tension can be evaluated from (5.23). Each bolt row
should be calculated separately and contributions of bolt rows also have to
be considered while considering the behavior of connection.
Kt =
1.6As
Lb
(5.23)
where Lb is the bolt elongation length which is equal to total thickness of
material and washers.
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CHAPTER 6
DESIGN OF MOMENT RESISTING
FRAMES WITH SEMI-RIGID
CONNECTIONS
The two design approaches used in current steel frame design are Load and
Resistance Factor Design (LRFD) and Allowable Stress Design (ASD). His-
torically, ASD was extensively used. In recent years LRFD method has
become more popular. The aim of the LRFD design is to ensure that the
various limit states (failure modes) are not be exceeded under different load
combinations. In the design of moment-resisting frames tension yielding, ten-
sion rapture, flexural torsional buckling, flexural buckling, lateral torsional
buckling, local buckling, shear, shear buckling, shear rapture, fatigue etc. are
the limit states that need to be considered. In this chapter, the AISC-LRFD
design approach is first summarized, and then code requirements to design
the moment-resisting frames in highly seismic regions are discussed. Finally,
the structure used in this thesis was described by explaining the geometric
dimensions of frame elements, cross-sections of elements, connection types
and specifics, and seismic design parameters, in detail.
6.1 AISC-LRFD Design Procedure
In this section, AISC-LRFD design will be summarized, in addition to design
criteria, stability design and capacity design. LRFD is based on a considera-
tion of failure conditions. Load factors are applied to the anticipated service
loads and members are selected that will have enough strength to resist the
factored loads. In LRFD design, following equation should be satisfied.
∑
(Loads× loadfactor ≤ resistance× resistancefactor)
φRn ≥
∑
(γiQni) (6.1)
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where,
γi : Load factors
Qni : Design loads
Rn : thenominalresistance
φ : resistancefactor
The factored loads are the loads that bring the structure or member to the
point of failure. These failure modes can be fracture, yielding, buckling etc.
6.1.1 Design Criteria
Load and resistance factor design ensures that the structure will be safe under
all load combinations. These load combinations, which are based on extensive
statistical studies, are given in ASCE 7-05, 2005c. The seven combinations
are as follows,
1. 1.4 D
2. 1.2 D + 1.6 (L+H) + 0.5 (Lr or S or R)
3. 1.2 D + 1.6 (Lr or S or R) + 0.5 (L or 0.8 W )
4. 1.2 D + 1.6 W + 0.5L +0.5 (Lr or S or R)
5. 1.2 D + 1.0 E + 0.5 L + 0.2 S
6. 0.9 D + 1.6 W + 1.6 H
7. 0.9 D + 1.0 E + 1.6 H
where:
D : Dead load
E : Eartquake load
F : Load doe to fluids
H : Load due to lateral earth pressure
L : Live load
Lz : Roof live load
R : Rain load
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S : Snow load
W : Wind load
In this study, stability design, capacity design and serviceability design of
semi-rigid frames are elaborately examined. Compactness of elements are
important to determine the limit states of the sections. Table 6.1 shows the
compactness of the sections. If λ (depth/ thickness) is less than λp then
section is considered as compact. If λ is greater than λr then section is
considered as slender.
Table 6.1: Element compactness
6.1.2 Stability Analysis
Stability of the entire frame as well as the each element has to be ensured. In
stability design second order effects resulting from flexural and axial defor-
mations as well as geometric imperfections are utilized. Strength of elements
and joints are calculated from the code methodologies.
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6.1.3 Effects of Partially Restrained Beam on Column
Effective Length
The assessment of column strength involves the critical buckling load, the
theoretical upper limit of column load capacity at which a lateral bifurcation
will first occur. Euler approach to elastic buckling assumes that the end con-
ditions of the column are pinned. The critical elastic buckling load is related
to other columns of different end conditions with an effective length factor.
The effective length factor is modifies the length of the actual column under
different restraint conditions to an equivalent pin-ended column. The end
conditions of the column are defined by the relative stiffness of the columns
at each end in a frame. This relative stiffness is a function of the members
which are framing into the structural joint. The relative stiffness factor for
frames with rigidly connected joints is given by:
Relative Stiffness Factor Equation
The effective length factor for a column under these conditions can then be
found by solving the following solution for the least value of K (the effective
length factor).
GAGB
4
( pi
K
)2
+
(
GA +GB
2
)(
1− pi
K
cot
pi
K
)
+
tanpi/2K
pi/2/K
= 1 (6.2)
The above equation can be solved iteratively using a Newton-Raphson
method or a linear solver, but is most conveniently solved using available
nomograph charts.
The presence of partially restrained moment connection in building frame
systems requires modification to the existing method of determining the ef-
fective length. The factors in determining the effective length which will
need to be modified is the effect of the beam stiffness on the relative stiffness
factor. The modification of the stiffness of the beam will need to take into
account the rotational stiffness of the connection, which may be modeled as a
rotational spring. There are several competing methods which to modify the
relative stiffness factor in order to determine the effective length of a column
member. The first of which will be discussed was developed by Chen and Lui
(1986). This method modeled the connection as a linear rotational spring
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with a stiffness which is equivalent to the secant stiffness of the connection.
This effective length modification was done for both the braced and unbraced
frame conditions. The second method which will be discussed was developed
by Kishi et al. (1998, 1997). Kishis method (1997) made use of the tangent
stiffness of the connection at the buckling load. Effective length modification
was done for both the braced and unbraced frame conditions in his study.
These two methods of determining the effective length of a column in a frame
system composed of partially restrained connections is summarized below.
Chen and Lui Method
Chen and Lui (1986) proposed that the solution to the effective length factor
for columns in frames with partially restrained moment connection required
that modification of the stiffness of the beams which frames into the ends of
the column. The model which was used in the derivation of the critical load
and effective length of the column is shown below.
Figure 6.1: Chen and Lui (1986) elastically restrained column
The critical load if the column can be found by writing equilibrium equa-
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tion of the three bodies shown in the figure; the two rotational springs and
the column. The determinant of the coefficient matrix can be set to zero, in-
dicating a mechanism, and the effective length factor can then be determined.
The coefficient matrix is shown below:
∣∣∣∣∣∣∣
S1A+RkA S1B −S2(A+B)
S1B S1A +RkB −S2(A+B)
−S2(A+B) −S2(A +B) −2S3(A +B)− PL + TK
∣∣∣∣∣∣∣ = 0 (6.3)
where;
S1 =
EI
L
S2 =
EI
L2
S3 =
EI
L3
A =
kL(sinkL− kLcoskL)
2− 2coskL− kLsinkL
B =
kL(kL− sinkL)
2− 2coskL− kLsinkL
TK = Translational spring constant
Rki = Rotational spring constant
k =
√
P/EI
The smallest value of P which satisfies this equation is the critical load of the
column. The effective length of the column can then be determined using
the following relationship:
K =
√
Pe/Pcr (6.4)
where;
Pe = Critical load of the column
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Pcr = Euler buckling load of a pin-ended column having the same length of
the rotationally restrained column
Alternatively solving for the smallest value of the (kL) term facilitates the
determination of the effective length using the following relationship:
K =
√
pi2/(kL)2 (6.5)
Chen and Lui (1986) proposed a method of determining the effective stiffness
of the joints, which restrain a column in a framing system. This solution is
proposed in order to take advantage of available nomographs which were
derived based on the assumption that all the joints are rigidly connected.
The assumptions involved in the derivation of the effective stiffness factors
in which the joints are rigidly connected are:
1. The girders are rigidly connected to the columns at all joints
2. All columns of a story buckle simultaneously
3. At the onset of buckling the rotations of the ends of the girders are equal
and opposite for braced frames and equal in magnitude and direction
for unbraced frames
4. All members are prismatic and the behavior is elastic.
Under these assumptions the following equations are used to determine the
effective length factor of a column in a framing system:
For braced frames (sway prevented)
GAGB
4
( pi
K
)2
+
(
GA +GB
2
)(
1− pi
K
cot
pi
K
)
+
2tanpi/2K
pi/K
= 1 (6.6)
For unbraced frames (sway prevented);
GAGB(pi/K)
2 − 36
6(GA +GB)
− pi/K
tan(pi/K)
= 0 (6.7)
GA and GB are the stiffness distribution factors for the A-th and B-th ends
of the columns. These stiffness distribution factors are defined by:
G =
∑
(I/L)column∑
(I/L)girder
(6.8)
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The numerator contains the stiffness’ of all the columns that frames into the
joint, the denominator contains the stiffness’ of all the girders that frames
into the joint. These equations for the bases for the nomograph charts used to
determine the effective length factor for columns under various end restraint
conditions. Chen and Lui (1986) proposed a modification to the denominator
terms. These modifications allow the use of the same nomograph charts used
to determine the effective length factors. The modifications are as follows:
For Braced Frames:
1. If the far ends of the girders are fixed, divide G by 2.0
2. If the far ends of the girders are hinged, divide G by 1.5
3. If the girders are connected to the columns by semi-rigid connections
with rotational secant stiffness Rk at both ends, modify the moment of
inertia of the girders as follows:
Ig,modified = αbIg (6.9)
where:
αb =
1
1 +
2EIg
RkL
(6.10)
For unbraced frames;
1. If the far ends of the girders are hinged, multiply G by 2.0
2. If the Far ends of the girders are fixed, multiply G by 1.5
3. If the girders are connected to the columns by semi-rigid connections
with rotational secant stiffness, Rk at both ends, modify the moment
of inertia of the girders as follows:
Ig,modified = αbIg (6.11)
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where:
αb =
1
1 +
6EIg
RkL
(6.12)
Kishi, Chen, Goto, Komuro Method
Kishi et al (1998) developed the equations for the determination of the critical
buckling load and the effective length of columns in framing systems with
semi-rigid connections which use the tangent connection stiffness at buckling
as the elastic spring constant. The tangent connection stiffness is found by
a first-order elastic analysis which considers the nonlinear moment-rotation
behavior of the connection. Alternatively, the beam-line method can be
used. The development of the equations takes into account the nonlinear
behavior of the connection and has been developed for the three columns
and two columns sub-assemblage model. The development of the equations
for determining the effective length factor are developed to use the available
nomograph charts for determining the effective length of columns in rigid
framing systems.
6.1.4 Capacity Design
According to LRFD design, all structural elements have to possess enough
strength. In this part tension, compression, flexural and shear capacity design
are explained.
6.1.5 Tension Design
Precluding yielding and fracture are two important limit states for tension
design. Load on the gross section should be small enough to preclude yielding.
On the other hand fracture can be prevented if the stress on the net section
is less than the tensile strength.
• Fracture;
Pn = FyAg (6.13)
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• Inelastic deformation
Pn = FuAe (6.14)
where Ag is gross section area and Ae is effective area.
Compression Design
Compression resistance of compact and non-compact sections can be evalu-
ated from following equations.
Pn = FcrAg (6.15)
where Fcr is critical bending stress used to determine nominal strength and
Fe is critical elastic buckling stress in an unsymmetrical compression member.
If
KL
r
≤ 4.71
√
E
Fy
then Fcr =
[
0.668
Fy
Fe
]
Fy
If
KL
r
> 4.71
√
E
Fy
then Fcr = 0.877Fy
Fe =
pi2E(
KL
r
)2 (6.16)
where,
Ag : Gross Area
K : Effective length factor
L : Length
r : Slenderness ratio
Fy : Minimum yielding strength
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Flexural Design
Moment capacity (Mn) of compact web and flange sections, which also sat-
isfies the Lb < Lp requirement, should be evaluated by only using yielding
limit state. If compact sections cannot satisfy this limit state then they have
to be evaluated from flexural, yielding and flexural-torsional buckling limit
states. Moment capacity of symmetrical I-sections can be calculated using
following equations;
• Lb ≤ Lp
Mn = Mp = FyZx (6.17)
• Lp < Lb < Lr
Mn = Cb
[
Mp − (Mp − 0.7FySx)
(
Lb − Lp
Lr − Lp
)]
≤ Mp (6.18)
• Lb > Lr
Mn = FcrSx ≤Mp (6.19)
where,
Lb : Unbraced beam length
Lp : Required unbraced beam length to reach plastic moment capacity
Lp = 1.76ry
√
E
Fy
Lr : Required unbraced length to obtain lateral torsion at the non-elastic
region
Lr = 1.95rts
E
0.7Fy
√
Jc
Sxh0
√
1 +
√
1 + 6.76
(
0.7Fy
E
Sxh0
Jc
)
Fcr : Elastic lateral buckling stress
Fcr =
cbpi
2E(
Lb
rts
)2
√
1 + 0.0078 Jc
Sxh0
(
Lb
rts
)2
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where;
r2ts =
√
IyCw
sx
(6.20)
c : 1.0 for I sections
where Mp, Fy, Zx, Sx, E, J , Cw, rts are plastic moment capacity, mini-
mum yielding stress, plastic section modulus, elastic section modulus, elastic
modulus, torsional constant, warping factor, radius of gyration, respectively.
Cb is moment gradient factor for lateral torsional buckling strength and can
be calculated from (6.21) (AISC, 2005).
Cb =
12.5Mmax
2.5Mmax + 3MA + 4Mb + 3Mc
≤ 3.0 (6.21)
MA, MB, MC are absolute value of moment at quarter point, centerline,
three-quarter point of unbraced segment while Mmax is the absolute value of
maximum moment in the unbraced segment. Rm can be taken equal to 1.0
for doubly symmetric sections.
Shear Strength
Shear strength of elements should satisfy the relationship (6.22);
Vu ≤ φvVn (6.22)
Vn = 0.6FyAwCv (6.23)
where Vu, φV , Vn are the maximum shear based on the controlling combina-
tion of factored loads, resistance factor for shear which is 0.90 and nominal
shear strength, respectively. For I shape sections CV can be taken 1.0.
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6.2 Seismic Design Requirements for Semi-Rigid
Connections
Society seeks the least disruption from damage when subjected to small
earthquakes. When the intensity of earthquake is increased, a disruption
to its endeavors is expected but society still seeks to minimize repair cost
for moderate earthquakes. Finally, when subjected to large earthquakes,
a society would accept interruption and high economic loss however seeks
to minimize loss of life. Current codes are seeking to use ductile elements,
materials and connection details to obtain more earthquake resistant struc-
tures. Ductile structures can withstand large deformations without collapse
or losing their stability and strength. Moment-resisting frames are used fre-
quently in low-rise and mid-rise buildings located in high seismic regions due
to their high level of ductility and economy of construction. Moment-resisting
frames can be categorized in terms of their ductility capacity; i) Special mo-
ment frames (SMF), ii) Intermediate moment frames (IMF) and iii) Ordinary
moment frames (OMF). It is expected that highly ductile structures should
withstand very large deformations without collapse under severe earthquake
and their design requirements this goal. In the following sections, Eurocode
and AISC seismic design requirements of highly ductile steel frames have
been summarized.
6.2.1 Eurocode 8 (ENV 1998-1-3:1995)
According to Eurocode 8, connections should have a rotation capacity equal
to that induced in the members by the global deformations. Eurocode 8
(1993b) permits that members framing into the connections of dissipative
semi-rigid connections should be stable at the ultimate limit states. Effect
of connection deformation on global drift is taken into account using nonlin-
ear static (pushover) global analysis or nonlinear time history analysis (ENV
1998-1-3:1995). Eurocode seismic design permits the dissipative semi-rigid
connections to have elongation capacity consistent with global deformations.
The effect of connections deformation on global drift is taken into account
using nonlinear static pushover global analysis or nonlinear time history anal-
ysis. If the energy dissipation is originated from the connections only, Eu-
rocode Seismic Provision (2005b) stipulates that the following requirements
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should be satisfied;
1. The connections should have sufficient rotation capacity for the corre-
sponding deformation demands
2. Members framing into the connections are demonstrated to be stable
at the ultimate limit state
3. The effect of connection deformations on global drift must be taken
into account
Design rules provided by Eurocode 8 (2005b) and Uniform Building Code
(UBC) (1997) are intended to ensure that yielding will occur in the beams,
in the panel zone or in the connection but not in the column. Eurocode
8 (2005b) also requires that when semi-rigid connections are used in the
frame then other elements in the structure should be derived from the plastic
capacity of the link connections.
6.2.2 AISC Seismic Design Provisions
AISC (2005a) classifies the moment resisting frames into two category in
terms of energy dissipation region; i) end of the beam column connections ii)
beam column panel zone.
Beam-Column Sections
Depth to thickness ratio of elements should guarantee preventing the local
buckling of the section in elastic regions to obtain inelastic deformation of
sections. AISC (2005b) Table B4.1 (Chapter 3.2.1- Table 3.1) demonstrates
the required depth to thickness ratios for compact elements. AISC (2005b)
claims that these ratios are sufficient to prevent the local buckling of the sec-
tion. However, recent experimental tests show that these limits used in AISC
(2005b) are not sufficient for highly seismic areas thus these requirements are
changed in AISC (2005a) code as shown at the below;
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• Flexure at the beam and column flanges and uniform compression con-
dition
ff
2tf
< 0.3
√
E/Fy (6.24)
• Flexure of beam web
h
tw
< 2.45
√
E
Fy
(6.25)
• Axial Force and Flexure at the column web
Pu
φPy
≤ 0.125 h
tw
= 3.14
√
E
Fy
(
1− 1.54 Pu
φPy
)
(6.26)
Pu
φPy
> 0.125 h
tw
= 1.12
√
E
Fy
(
2.33− Pu
φPy
)
≥ 1.49
√
E
Fy
(6.27)
If strong column weak beam ratio is greater than 2.0, the depth to thickness
ratio column flange and web can be taken from AISC (2005b), Table B4.1.
Maximum unbraced length of beams in which plastic hinges occur at the
end of the beams should not exceed Lb = 0.086ryE/Fy requirement not to
preclude the lateral torsional buckling. The aim of this requirement is to
postpone the strength reduction which is caused by local buckling until the
required ductility is obtained.
Beam-to-Column Moment Ratio
Current design approach for highly ductile steel frames ensures that plastic
hinges will occur at the end of the beams instead at the column. It is called
strong column weak beam (SCWB) approach. In SCWB frames, the large
bending stiffness of the column considerably reduces the rotations at the ends
of the beams. The goal of this approach is to achieve high energy dissipa-
tion capacity while the plastic hinges are occur at the ends of the beams
without causing collapse mechanism at the floor levels. According to SCWB
approach, the total bending moment capacity of columns, which intersect at
the beam-to-column region, should be greater than bending moment capacity
of beams at the same region. The following requirement should be satisfied:
81
∑
M∗pc∑
M∗pb
> 1.0 (6.28)
where;
∑
M∗pc =
∑
Zc(Fyc − Puc/Ag) (6.29)∑
M∗pb =
∑
(1.1RyZbFyb −Muy) (6.30)
Ag, Fyb, Fyc, are area of column section, minimum yielding strength of beam
and column, respectively Zb, Zc, Ry are plastic section modulus of beams
and columns, ratio of expecting yielding stress to minimum, respectively. In
addition,Muv, Puc are additional moment on the column axis which caused by
shear force at the plastic hinge and compression strength which is calculated
using LRFD load combinations, respectively.
Global mechanisms with plastic hinges at the column bases and within
beams are preferred due to higher energy dissipation capacity. Consequently,
to ensure adequate energy dissipation and prevent dynamic instability of the
system as a whole, plastic hinges at the base should possess high rotational
ductility. Furthermore, axial compressive actions reduce the inelastic de-
formation capacity of structural members and variations of axial loads in
columns due to overturning moments and vertical vibration modes increase
the likelihood of local and global instability (Elnashai et al., 2008). Occur-
rence of plastic hinges at the columns or beams does not change the local
mechanism of the structure in the single storey frames or at the top level
joints of multi storey frames. Thus, SCWB approach is not necessary to use
at the top level of the multi storey frames or single storey frames.
Beam-to-Column Connections
Beam-to-column connections which carry the seismic loads should satisfy the
0.04 radian inter-storey drift requirement. When value of inter-storey drift is
equal to 0.04 radian, flexural moment at the face of the column should be less
than 80% of the flexural moment capacity of beam sections. To ensure the
ductility of the frame load comes from the seismic loads should be calculated
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from the following equation;
E = 2[1.1RyMp]/Lh (6.31)
where Ry, Mp and Lh are expected yield stress to minimum yield stress
ratio, plastic moment capacity of beam and distance from the two plastic
hinge points, respectively.
Panel Zone
Capacity of panel zone is calculated by assuming that some inelastic deforma-
tions occur at this region. When the frame is designed by using this approach,
panel zone deformations should be included in the panel zone model. Capac-
ity of the panel zone can also be calculated by using the elastic limit state
rules. In this case, there is no need to model the deformation of this region.
Capacity of inelastic behavior is represented by the following equations:
Pr ≤ 0.75Pc Rv = 0.6Fydctw
(
1 +
3bcf t
2
cf
dbdctw
)
(6.32)
Pr > 0.75Pc Rv = 0.6Fydctw
(
1 +
3bcf t
2
cf
dbdctw
)(
1.9− 1.2Pr
Pc
)
(6.33)
while elastic capacity of panel zone is calculating from the below equations;
Pr ≤ 0.4Pc Rv = 0.6Fydctw (6.34)
Pr > 0.4Pc Rv = 0.6Fydctw
(
1.4− Pr
Pc
)
(6.35)
where Pc, bcf , tcf , tw, db and dc are column axial force strength, width
of column flange, thickness of column flange, depth of beam and depth of
column, respectively.
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6.3 Description and Design of the Sample Building
In this study, a three story three bay symmetric office building is considered
that span length is 9 m. The story heights are chosen as 4.2 m for the
first floor and 3.6m for the remaining floors. A typical plan and elevation is
given in Fig. 6.2. The lateral resistance of the building is provided by special
moment resistance frames in the EW direction while the braced frame used in
the NS direction. Only special moment resisting frames are examined in this
research. All the inner and outer frames are designed as lateral load resisted.
Connection capacities of these frames are 60%, 30% and rigid connections.
AISC and Eurocode does not permit utilization of the high strength steels
in highly seismic zones however this rule is violated in this research. The
structural steels used in structure are A992 for beams and columns and A36
Gr 36, new bainitic steel and conventional HSS (S960) for end-plates in the
connections. The bolts in the semi-rigid connections are A490.
Gravity loads, seismic loads and load combinations are determined accord-
ing to ASCE 7-05 (2006) and IBC (2006) codes. For gravity loads, a dead
load of 0.07 kips/ft2 including the self weight of structural steel, mechanical
and electrical equipment is applied to both floors and the roof. The live load
is taken as 0.02 kips/ft2 for the roof and 0.079 kips/ft2 for the floors and
this includes 0.01 kips/ft2 partition walls. All buildings are typical office
buildings. Thus, the occupancy category is II and the importance factor is
1.0. The building is assumed to be founded on an area classified as soil cat-
egory is D. In addition the short period and one-second period parameters
are taken as 1.50 g and 0.60 g, respectively. Seismic loads are applied to
the system according to the equivalent lateral force method of ASCE 7-05.
LRFD load combinations are applied to the system.
AISC code does not allow designing special moment frames with semi-
rigid/partial strength connections in high ductile structures. However Eu-
rcode 3 permits the designing of semi-rigid connections. In this research,
AISC Design Guide 4 and AISC Design Guide 16 are used to evaluate the
geometry of connections. However while designing the frames with energy-
dissipative semi-rigid connections SCWB rule is violated. Instead of SCWB,
principle columns are designed only to be stronger than the connections. In
this manner, instead of beam capacities connection capacities are used.
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Figure 6.2: Plan and elevation of the sample building
6.4 Geometry of Connections
Geometry of extended end-plate connections is calculated using AISC design
code 4 (2003a) and 16 (2003b). Strong column weak beam design approach
leads to the occurrence of plastic hinges at the end of beams prior to columns.
However, the most important drawback of this technique is the obtainment of
larger column sections. The aforementioned shortcoming can be eliminated
by low-rise, long-span structure design in semi-rigid (partially strength) con-
nections (Dogramaci, 2009). In order to observe the effect of the capacity on
the system geometry, 30%, 60% semi-rigid and rigid connections are modeled
in this study. Connections between members — where the regions are sub-
jected to higher deformation demands — are composed of the high strength
steel S960, new bainitic steel and normal A36 grade steel for each capac-
ity frame. Connection geometries are evaluated using yield line method as
defined in Chapter 4. Results for a sample joint are presented in Tablo 6.2.
where bp, dhe, g and dve| are width of the end-plate, lateral distance between
the center of the bolt and end of the plate, lateral distance between two bolts,
and vertical distance between the center of the bolt and end of the plate,
respectively. pf0, pfi, pb, pm are distance from the center of the first bolt to
the beam flange, distance form beam flange to the center of the second bolt,
vertical distances between the second and third bolts, distance between the
center of the third bolt row and the center of the end plate, respectively. tp
and db are thickness of the end-plate and bolt diameter, respectively.
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Table 6.2: Geometry of extended end-plate connections for rigid, 60% and
30% connections
Rigid Connections 60% Connection 30% Connections
Parameter A36 Bainite S960 A36 Bainite S960 A36 Bainite S960
bp 10 10 10.312 10 8.5 9 9.5 8 8.5
dhe 2.25 2.25 2.406 2.25 1.5 1.75 2 1.25 1.5
g 5.5 5.5 5.5 5.5 5.5 5.5 5.5 5.5 5.5
dve 2.25 2.25 2.496 2.25 1.5 1.75 2 1.25 1.5
pf0 2 2 2.125 2 1.625 1.75 1.875 1.25 1.375
pfi 2 2 2.125 2 1.625 1.75 1.875 1.25 1.375
pb 3.75 3.75 4.125 3.75 2.625 3 3.375 2.25 2.675
pm 6.385 6.36 6.016 6.36 7.11 6.86 6.61 7.61 7.36
tp 1.259 0.915 0.642 0.937 0.689 0.481 0.664 0.461 0.324
db 1.25 1.25 1.375 1.25 0.875 1 1.125 0.75 0.875
As can be seen from Table 6.2 the width, thickness of end-plate and dis-
tance of adjacent bolts are invariant under the steel grade differences but
depend on the bolt diameters. For instance these parameters for A36 and
bainite steel grades have identical parameters for rigid connections. This
signifies that geometric properties do not depend on steel grade. However,
the parameters for bainite steel grade in rigid and 60% connections are sig-
nificantly changed under different bolt diameters.
Analytical results show that bainitic steel provides smaller end-plate thick-
ness and smaller bolt diameter, which makes the connection geometry smaller
than normal steel. Thinner end-plate with smaller bolt diameter presents an
economical solution. Even though S960 grade steel connections have thinner
end-plates, their bolt diameters are greater than bainitic steel. Column web
flange thickness is not adequate for A36 steel due to extensive bolt diameter.
For larger bolt diameters, column flange thickness should be greater. Thus,
connections with normal steel need doubler and continuity plates to increase
the strength of the shear zone and column flange. Web stiffeners are avoided
in HSS (bainitic and S960) because the considered bolt diameters are smaller
compared to normal steel. In order to prevent brittle failure of bolts due to
shear rapture, A36 steel grade connections require thicker end-plates as well
as greater bolt diameter.
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6.5 Design Method
The following are a number of design processes developed over the years by
several entities that have significant experience in the use of partially re-
strained (PR) connections to provide strong foundational material for future
design.
Shakedown Behavior
Shown in Fig. 6.3 is a plot of the shakedown behavior of a pair of PR con-
nections supporting a beam, super imposed upon the connection behavior
curve is the beam line. At service load level the connections go through a
permanent deformation and arrive at the a and a′ load point that coincides
with the beam line. When a lateral load is applied to the frame the leeward
connection is loaded further while the windward connection is unloaded to
points b and b′, when the connections unload they respond in a linear man-
ner equal to the initial connection stiffness. When the load is reduced then
the connections will load and unload correspondingly and move to c and c′
in a linear manner. If the load is reapplied in full then the connections will
return to b and b′, while if the lateral load is completely removed then the
connections move to d and d′. If the reverse lateral load is applied then the
connections will move to e and e′. Finally, when the lateral load is completely
removed then the connections will move to f and f′.
It is clear that following the sequence of lateral loads the connections will
continue to respond to all further loading in a linear-elastic manner so long
as the applied lateral loading does not cause moment reversal or surpass the
moment capacity of the connections. This observed behavior justifies the use
of a linear model when modeling the structure at service load levels as noted
by the AISC manual (2005c).
Flexible Moment Connections (FMC)
Considering the shakedown behavior previously discussed, the exact load pro-
gression cannot be accurately predicted by the design engineer, alternatively
the structure and connections can be designed for the worst case scenario.
Enter the FMC design method that depends upon the connections achieving
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Figure 6.3: Shakedown behavior of PR connections (Geschwindner &
Disque, 2005)
a predicted moment capacity, sufficient connection ductility and the shake-
down behavior of connections. The FMC method simply designs the beams
for gravity loads only as simply supported and the connections only for mo-
ment induced by lateral loads. Since the connections are only designed for
lateral loads, PR connection will not reach its full moment capacity. Hence,
the connection is modeled as shown in Fig. 6.4 where the connection achieves
full plastic capacity at service levels and continues to deform while main-
taining that load capacity. Following cyclic loading it is evident that FMC
designed connections will exhibit more permanent deformation than PR con-
nections. As a result, the supported beam will experience positive moments
from the connections when lateral loads are not present. This load condition
will slowly approach a simply supported beam condition under pure gravity
loading making it appropriate to design beams purely for gravity loading.
The FMC method is based on the Type 2 design method that research has
shown that Type 2 construction should be limited to low to mid-rise struc-
tures under 10 stories in height (Ackroyd, 1987). The primary limit state for
these frames is instability under combined gravity and wind loading resulting
in the leeward exterior column stack is severely overloaded in bending.
When the structure is laterally loaded the windward connections respond
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Figure 6.4: Shakedown behavior of FMC connections (Geschwindner &
Disque, 2005)
in a linear-elastic manner, while the windward connections are assumed to
become plastic hinges consistent with the shakedown behavior. Because the
leeward column stack is connected to the structure by plastic hinges, they do
not contribute to the lateral load resistance of the structure and are consid-
ered leaning columns. Designing a structure based upon these assumptions
and plastic analysis will ensure that the structure will have sufficient strength
at ultimate load levels. The beams will be more than sufficient to support
gravity loads since the connection moment was ignored in its sizing. The con-
nections are designed with one less connection than was available will have
sufficient strength to avoid creating a collapse mechanism at the ultimate
load level.
Although the original Allowable Stress Design (ASD) Type 2 only requires
the structure to have sufficient strength, the current Load and Resistance
Factor Design (LRFD) specification requires that the connections and their
connected members to be adequate in resisting lateral forces. The original
ASD specifications were interpreted as the strength whereas the newer LRFD
specification states that stiffness must be considered as well. In order to de-
termine the structure stiffness, the secant stiffness method for connection
behavior can be used. If more accurate drift behavior is desired then more
detailed connection behavior models can be used. Like stiffness, stability
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was also neglected in the original ASD specifications. As previously noted
stability can be a concern as frames incorporating FMC connections tend to
have higher drift. As the connection stiffness drops with load level the effec-
tive length of each column increases leading to significant stability problems.
Thus, a stability analysis must be carried out using any of the previously
developed methods.
Some general observations of the FMC method are that it is a simplified
approach avoiding some of the inherent complexities of a more direct PR
design method. Because the exact response cannot be predicted without
knowing the exact sequencing of loads a simplified method that takes into
account the connection behavior in a worst case scenario can be useful. Even
though this is a conservative approach it can be used to be a starting point
for a more rigorous analysis and design method.
Since AISC and Eurocode do not specify the design of connections in
highly seismic zones, FMC method is used to define the design of semi-rigid
connections in this research.
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CHAPTER 7
SEISMIC PERFORMANCE EVALUATION
The seismic performance of a structure determines the possible structural
damage and the structure’s safety when it undergoes seismic loads. To eval-
uate the seismic performance of a structure, local and global deformation
capacities as well as element capacities should be designated. Appropriate
analysis methods must be used to obtain the most accurate structural de-
mands. The structural standards AISC 7-05 (2006) and FEMA 356 (2000)
illustrate two different analytical methods for seismic performance based on
the linear and nonlinear behavior of the structures. Static and dynamic anal-
yses of structures are also defined by AISC as analytical methods that must
be performed during the seismic evaluation. However, Elnashai et al., 2002
claim that while dynamic analysis methods are more complicated and more
difficult to perform, compared to static analysis methods, dynamic analysis
methods are more appropriate for determining the seismic performance of
structures. In this study, nonlinear static pushover analysis and time his-
tory dynamic analysis are utilized to evaluate the seismic performance of an
example structure. Nonlinear static pushover analysis is used to calculate
the overall capacity of the structure and evaluate its stability. Compared
to dynamic analysis, static pushover analysis has been widely used due to
its simplicity and decreased work load. However, Krawinkler & Seneviratna
(1998) and Aydinoglu (2004) claim that static pushover analysis is not ac-
curate enough for the seismic evaluation of structures. To overcome this
problem, Elnashai (2001) and Chopra and Goel (2002) have proposed signifi-
cant innovations. An important caveat is that these new innovations may not
accurately calculate the seismic behavior of a structure if it possesses struc-
tural irregularities. For this reason Elnashai (2001) has suggested utilizing
both nonlinear static pushover analysis and time history dynamic analysis
for evaluation of seismic resistance of structures.
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7.1 Nonlinear Static Pushover Analysis
Static pushover analysis is used to estimate the dynamic demands inflicted
to the structure by seismic loads. It is a nonlinear method in which the struc-
ture is exposed to permanent vertical loads while lateral loads are gradually
increased. The structure is generally loaded until the target displacement
or expected base shear is reached. The control point of lateral displacement
can be assumed as 150% of the target displacement as suggested in FEMA
356 (2000). The analysis is carried out up to failure, thus it is unable to
determine the collapse load and ductility capacity. Target displacement is
the maximum expected displacement that the structure will reach during the
earthquake. The analysis is carried out until failure and the collapse load
and ductility capacity is then determined. Target displacement is calculated
by using FEMA 356 (2000) equation;
Target displacement is calculated by using FEMA 356 (2000) equation;
δt = C0C1C2C3Sa
T 2e
4pi2
(7.1)
where Te is the period of the structure, C1 through C3 are the correction
coefficients and Sa is the spectral acceleration.
In pushover analysis all internal forces and structural deformations are
retained. Static pushover analysis only considers the first (dominant) mode
of the structure. The following equations are used to calculate the lateral
loads;
CV X =
wxhx∑n
i=1wIh
k
i
(7.2)
where CV X represents the loads imposed to x-th level, wi and wx are the
weight of i-th floor and x-th floor, respectively. hi and hx are the height of
i-th floor and x-th floor, respectively.
T ≤ 0.5 k = 1
T ≥ 0.5 k = 2
0.5 < T < 2.5 k =
T − 0.5
2
+ 1
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In this study displacement control static pushover analysis is used. Vertical
loads are subjected to the frame and then lateral loads are applied to the
frame at the each level of the structure. The control displacement value was
chosen as 10% of the total height of the structure. As a result of the static
pushover analysis base shear versus displacement curves are depicted and the
results are presented in Chapter 8.
7.2 Time History Analysis
Seismic performance of a structure may not be exactly evaluated from non-
linear static analysis. The main reason is that, the pushover analysis only
considers the first mode of the structure and neglects the effects of other
modes. Elnashai (2002) claims that time history analysis is the most accu-
rate method for evaluation of the seismic behavior of a structure. However
there are some difficulties such as selection of ground motions, scaling of
records and selection of hysteretic model in this method. The aim of time
history analysis is the step-by-step integration of systems equation of motion
under seismic loads and obtaining the response of the structure over time
during and after loading. In this analysis method, the internal force that
models the dynamic response of the system elements under repetitive loads
can be defined with the aid of hysteretic behavior equations and previous
work that has been theoretically and experimentally established in the liter-
ature. The system displacement, plastic displacement, internal forces and the
maximum values of these quantities under earthquake motions are computed
in each integration step during the analysis. Real data captured from previ-
ous earthquakes, artificial records or similar simulated seismic motions can
be used in time history analysis. In this work, 10 different natural earthquake
motions are used. Among these motions four of them are near to the fault
and six of them are far from the fault. Shear force vs. displacement values
and inter-storey drift of structures are defined with time history analysis.
7.2.1 Analysis Platforms and Modeling
Nonlinear static pushover and time history analyses of the sample frame is
performed using Zeus-NL (Elnashai et. al, 2002; 2008). Zeus-NL is a software
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Figure 7.1: Bilinear elasto-plastic model for beam and column section
(Zeus-NL, 2008).
package that is very useful in predicting the large displacement behavior of
plane and space frames under static or dynamic loading. This software can
also perform static analysis, eigenvalue analysis, conventional and adaptive
static pushover analysis and dynamic analyses.
Zeus-NL defines the steel material using bilinear elasto-plastic model with
kinematic strain-hardening. This model requires the elasticity modulus (E),
yield strength (Fy) and strain hardening coefficient (fi). Elasticity modulus
of 200000 MPa is used throughout this work. AISC (2005c) code suggests
use of A992 steel for W profiles. Minimum yield stress of this steel is 345
MPa and expected value is 390 MPa. The material is modeled using the
expected yield stress. In addition, strain hardening coefficient is 0.01 in the
analyses.
The columns and beams are modeled using 3D cubic elasto-plastic beam-
column elements (Fig. 7.2). Numerical integrations are performed between
two Gauss sections. For each Gauss section, stresses and deformations are
obtained along the element length and section height using fiber approxima-
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Figure 7.2: Cubic elasto-plastic 3D beam-column elements (Zeus-NL, 2008)
Table 7.1: SMTR Parameters
Parameter Description Typical Value
K0 Initial Stiffness 1e5
d1 Displacement where the stiffness changes from K0 to K1 1
K1 Stiffness of second branch 10
d2 Displacement where the stiffness changes from K1 to K2 50
K2 Stiffness of third branch 100
tion. Therefore, additional hinges are skipped at the regions where hinge
formations are expected.
The force displacement relations of semi-rigid connections are modeled us-
ing nodal springs. The moment-rotation relations of semi-rigid connections
in the static pushover analyses are modeled using the tri-linear symmetrical
nodal element shown in Fig. 7.3 (Elnashai et. al, 2008). In these elements,
rigidness or strength reductions are not considered. Therefore, the connec-
tions are checked separately if they have reached the strength reduction levels
defined in FEMA 356 (2000).
Tri-linear spring element with symmetric kinematic strain hardening is
given in Fig. 7.3 and used in static pushover analysis. This element is not
subject to any rigidness reduction under hysteretic loading. The other spring
element is modeled with the hysteretic flexure model under constant axial
force as given in Fig. 7.4 and is used in dynamic time history analysis. This
element is subject to rigidness reduction under hysteretic loading.
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Figure 7.3: Tri-linear symmetrical elasto-plastic curve for joint (Zeus-NL,
2008)
Figure 7.4: Hysteretic flexure model under constant axial force
K0 : Initial flexural stiffness
∆cr : Flexural displacement at cracking
Vcr : Shear force at cracking
K1 : Flexural stiffness after cracking
∆y : Flexural displacement at yielding
96
Figure 7.5: Zeus-NL Model
Vy : Shear force at yielding
K2 : Flexural stiffness after yielding
∆m : Flexural displacement at ultimate
Sample frames are modeled as 2D in Zeus-NL (Fig. 7.5). Column and beams
are modeled using different sized elements. Vertical loads on the structure
are imposed on the beam-to-column connection. Lateral load distribution
in the static pushover analysis is defined as a reverse triangle considering
the first mode of the structure and is imposed on the frame from storey
levels. Lumped masses of each storey are defined at the beam-to-column
connections.
All earthquake motions used in the dynamic analyses are imposed on the
column-beam nodes as equivalent lateral loads. In addition, damping is mod-
eled as Rayleigh damping. Mass and rigidness related damping parameters
of each frame are defined from 2% damping ratio using first and third peri-
ods. Rayleigh damping matrix (C) defined in (7.3) is a linear combination
of mass (M) and rigidness (K) matrices.
C = αM + βK (7.3)
In (7.3), α and β are mass and rigidness coefficients, respectively. These
coefficients are dependent on the natural frequencies and can be computed
as using (7.4) and (7.5) (Chopra 2000).
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α = ζ
2ωiωj
ωi + ωj
(7.4)
β = ζ
2
ωi + ωj
(7.5)
In (7.4) and (7.5), ωi and ωj are the angular frequencies of i
th and jth modes,
respectively. ζ is defined as the damping ratio of these modes.
7.3 Earthquake Seismic Motions
The interaction of seismic motions and time-varying dynamic characteristics
of the structure under these motions define the behavior of a structure. In this
section, selection, normalization and scaling criteria of the seismic motions
in the dynamic analysis are covered.
7.3.1 Selection Criteria of Earthquake Motion
Research on seismic motion selection in the literature is limited; in addi-
tion, recent seismic codes (AISC, 2005a; Eurocode EN 1998) lack detailed
information about the selection criteria of seismic motions. In the litera-
ture, seismic records are selected using two different methods. (Bommer &
Acevedo, 2004; Elnashai & Di Sarno, 2008). The first method is selection
according to the earthquake design spectrum and the latter method is selec-
tion according to the seismologic parameters (Bommer et. al, 2000). Recent
codes select the seismic records according to the earthquake spectrum in-
stead of seismologic parameters. Moreover, for a region with well-known
soil characteristic, seismic records are selected using both probabilistic and
deterministic earthquake safety analyses. Records used in dynamic analysis
should be consistent with the expected or designed earthquakes. The seismic
motion records to be used in dynamic analysis can be obtained selecting and
scaling real accelerograms; generating artificial records which are compatible
with a design response spectrum or generating synthetic records depending
on the earthquake source model. (Bommer et. al, 2000)
In the recent codes such as ASCE 7-05 (2006), IBC (2006) and FEMA 450
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(2004), seismic motion records should be selected according to magnitude of
the earthquake, distance to the fault, source mechanism and soil conditions.
Recent codes suggest selection of seismic motions that satisfy at least three
of these properties; if the present data does not meet these requirements then
artificial records should be used.
Natural Records
The natural seismic records used in this thesis are selected according to the
earthquake magnitude (M), source mechanism, distance to the fault, soil con-
ditions of the region and PGA/PGV ratio. The ideal procedure to choose
the natural ground motions which are identical to seismic design scenario is
to obtain records generated in conditions. However, it is difficult to ensure
that selected earthquake motions will match all characteristics of the design
earthquake since they are depends on few parameters (Elnashai and Sarno,
2008). However, Bolt (1978) showed that probability of the records match-
ing with the design records increases rapidly, as the number of characteristics
of previous earthquake matches the design records increases. Therefore, El-
nashai and Sarno (2008) stated that it is necessary to identify the most
important parameters and match as many of these to the design seismic sce-
nario to measure the effect on structural response. Important parameters can
be categorized under three main sets such as source, path and site. These
parameters influence the characteristics of recorded motion in different ways
and degrees (Elnashai and Sarno, 2008). Thus selection of most appropriate
parameters depends on the structural response viewpoint. Furthermore, the
earthquake records suggested in ATC 63 (2008) are considered. According
to ATC 63, large magnitude events pose the great risk of failure due to their
longer duration and larger amount of energy release while small magnitude of
events do not cause building damage even though generate strong motions.
Duration of strong shaking is relatively short and effected area is relatively
small. Record sets include ground motions from earthquakes with either
strike slip or reverse sources which are typical of shallow crustal earthquakes
in California and other Western United States locations. According to ATC
63, not more than two records should be taken from any earthquake for a
record se. Additionally, near-field and far-field records should be selected.
Near-field records have short duration while far-field records have longer du-
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rations. ATC 63 also recommends that the limits of greater than 0.2g on
PGA and greater than 15cm/sec on PGV can be chosen since these values
are approximate thresholds for structural damage.
Broderick & Elnashai (1996) and Elnashai & McClure (1996) show that
high PGA/PGV is more effective on rigid structures; whereas low PGA/PGV
is more effective on flexible structures. Approximations for PGA/PGV ratio
are: 0 to 0.8 for low, between 0.8 and 1.2 for medium and above 1.2 for large.
PGA is in g and PGV is in m/s. In this thesis, ATC 63s is used for natu-
ral records selection. Since flexible frames are used in the sample structure,
natural records are focused which have low PGA/PGV values. Ten natural
records are used. Six of them are picked from far-field motions while four
records from near-field motions.
Artificial Records
Artificial records are an alternative for generating signals.Several methods
are established for generating artificial records. These methods include, de-
terministic and stochastic modeling of seismic motions and Lam et al. (2000)
presented extensive study regarding this issue. Using random vibration the-
ory, accelerograms can be mathematically simulated. Power spectral density,
random phase angle generator and envelope functions are necessary to gen-
erate artificial records. Generation of artificial records has two difficulties:
assumption of the phase distribution between the various single frequency
waves and the duration of the record. Therefore, even thought signals that
match the same spectrum may look different. Most important, these records
may lead to different structural response (Elnashai and Sarno, 2008). In this
study artificial records are not considered.
7.3.2 Scaling of Earthquakes
The variation of stiffness, strength and ductility which are the important
features of earthquake structural response depend on the ground motions.
Thus it is important to guarantee that the characteristics of each motion are
similar. Seismic records have random characteristics due to uniqueness of
source, magnitude, travel path, soil conditions, influence of near buildings
etc. Choosing a record for analysis which depicts the same characteristics
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of the structure that is being designed is difficult because of the variety in
the characteristics and the uniqueness of the source of the record. In order
to achieve comparative accuracy, scaling is essential. Scaling of the ground
motion depends on the peak ground parameters and spectrum intensity. The
loads which affects to the structure during an earthquake are proportional
to its acceleration due to enforced base motions (Elnashai and Sarno, 2008).
Therefore, before running history analysis for a given structure, recorded
ground motions are generally scaled to a PGA value. This method of scaling
is simple to apply and agrees with the methods through which the loads are
defined by design codes (Elnashai and Sarno, 2008). On the other hand PGV
and PGD also plays a significant role to determine the severity of seismic
loads. Short period structures (¡ 0.5s) are sensitive to PGA while moderate
period structures (0.5 to 2.0 seconds) are sensitive PGV. Moreover, very
long period structures (2-3 seconds) are based on PGD. Thus, earthquake
records should be scaled in a manner that reflects the response periods of
the structures under consideration (Elnashai and Sarno,2008). On the other
hand, spectrum intensity scaling procedure assumes that the seismic energy
imparted by the scaled seismic record is equal to that implied in the design
spectrum of the adopted seismic code. Most important spectrum intensity
scales are Housner spectrum intensity, intensity scales of Nau and Hall, and
Matsumura spectrum intensity. Another method presented in the literature
is scaling according to the velocity spectrum of the seismic motions. This
method relies on the assumption that the energy input to the system is equal
to the one obtained from the velocity spectrum. Some of these methods
have been evaluated and compared by Martinez-Rueda (1998) and Di Sarno
(2008). The Housner (1952) approach, known as the basis of scaling with
spectrum intensity, has shown the velocity spectrum to be an important
measure in defining the behavior of a structure under high seismic motions.
The effect of an earthquake is represented by spectrum intensity (SIH) and
is defined as the area under the elastic velocity spectrum between 0.1 s and
0.25 s as given in (7.6).
SIH =
∫ 0.25
0.1
Sv(T, ζ)dT (7.6)
where, Sv, T and ζ are the velocity spectrum curve, vibration period and
damping coefficient, respectively.
101
Figure 7.6: Conceptual correlation matrix to identify performance levels
(Elnashai and Sarno (2008)
7.4 Performance Levels and Objectives
Performance objectives are defined by limit states (LS) in earthquake engi-
neering. Current LSs rely upon principles of probabilistic analysis to over-
come uncertainty and randomness. Typical performance levels are shown in
Fig. 7.6. For serviceability limit states (SL), structure is only slightly dam-
aged. Structural elements do not reach significant yielding and have retained
their strength and stiffness. LS is most influenced by the stiffness of the
structural system. For damage limit states (DC), the structure assumes to be
significantly damaged however still remains considerable strength and stiff-
ness. Finally, collapse prevention limit state (CP) , the structure is accepted
to be heavily damaged with very limited residual strength and stiffness.
Force Reduction Factor: The ratio between elastic base (Ve) and seismic
design shears (Vd) is defined as force reduction factor (R) and can be calcu-
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Figure 7.7: Different levels of inherent overstrength Ωi: ductile response, Ωi
< 1.0 (left), and elastic response under design earthquake Ωi ≥ 1.0 (right)
lated as follows,
R =
Ve
Vd
(7.7)
Earthquake loads are obtained by the ratio of elastic behavior spectrum
and support system behavior coefficient (R). It expresses the energy absorp-
tion and dissipation capacity of structural systems. R factor is related to
overstrength, strength, damping and ductility characteristics of the system.
The relationship between these parameters is presented in Fig. 7.7. In order
to evaluate the earthquake performances of the sample frames, overstrength
factor, inherent overstrength factor and ductility values are computed in this
thesis. Overstrength factor defines ratio of the real and design strengths of
materials, elements or structures. It is usually denoted by Ωd and is given
as:
Ωd =
Vy
Vd
(7.8)
where, Vy and Vd are defined as real yield and designed lateral strength.
Elnashai and Mwafy (2002) presented a correction term to the Overstrength
Factor (Ωd) that depends on elastic strength (Ve) and real strength (Vy).
This correction factor is called inherent overstrength factor (Ωi) and is given
103
as:
Ωi =
Vy
Ve
(7.9)
This coefficient reflects the expected behavior of the structure under the
design earthquake magnitude. A large overstrength factor refers to Ωi ≥ 1.0.
Under this condition, structures global behavior under the designed earth-
quake is almost elastic. On the other hand, under Ωi < 1.0 condition, 1-Ωi
represents the ratio of the force acting on the structure in the inelastic region.
Structures with Ωi > 1.0 should examined carefully. Elnashai and Mwafy
(2002) indicated that structural overstrength plays an important role on the
performance of buildings during severe earthquakes. A structure should be
able to tolerate large inelastic deformations without instability or failure in
order to be considered as ductile. The analytic definition of ductility is given
as:
µ =
∆u
∆y
(7.10)
where ∆u and ∆y define displacement of ultimate failure point and yield
point, respectively. µ is defined as the ductility factor or ratio.
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CHAPTER 8
ANALYSIS RESULTS
Design of end-plate connections composed of HSS is covered in EN 1993-1-8
(2005b). The use of high strength steels is prohibited within the design code.
EN 1993-1-8 (2005b) requires the resistance of joints to be determined based
on elastic distribution of forces over the components of a joint. However,
analytical results show that yielding of end-plates can be achieved using S960
conventional HSS and bainitic steel. It is important to note that analyses
are only adequate if the joint develops sufficient rotation capacity. Zandonini
et al. (1988), Zoetemeijer et al. (1990) and Coelho et al. (2007) performed
experimental analysis and showed that end-plate connections can achieve
rotation capacity. End-plates are chosen to be the weakest link of the system
in case of a brittle failure caused by bolt rapture. High strength bolts are
used, and brittle failure of bolts is avoided by using thicker plates for normal
steels. Necessity of thicker end-plate was eliminated for bainitic and S960
HSS.
8.1 Analyses of Sample Structure
The analyses performed for the sample system consist of eigenvalue, static
pushover and dynamic time history analyses. Simulation details are given in
Table 8.1. 96 simulations are performed for each frame. All three frames are
divided into three different steel grades namely, bainitic, S960 and A36 steels.
32 simulations are performed for each steel grades. In total, 288 simulations
are conducted.
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Table 8.1: Number of analysis types
Eigenvalue Static Pushover Time History Analysis
A36 1 1 30
Rigid Bainite 1 1 30
S960 1 1 30
A36 1 1 30
60% Conn Bainite 1 1 30
S960 1 1 30
A36 1 1 30
30% Conn Bainite 1 1 30
S960 1 1 30
8.1.1 Eigenvalue Problems
Elastic period and mode shapes are computed using eigenvalue analysis and
are given in Table 8.2. As seen in Table 8.2, a reduction in stiffness is seen
to result in increasing structural periods. Moreover, period increases by
escalating the strength of the material. It is important to note that, due to
reduction in the lateral stiffness of the system, lateral displacement in the
structure increases proportionally causing non-structural damage.
Table 8.2: Eigenvalues of different capacity frames
Rigid
Mode A36 Mode S960 Mode Bainite
1 0.8555 1 0.879114 1 0.859287
2 0.279444 2 0.283487 2 0.275387
3 0.138057 3 0.138618 3 0.137533
60% Semi-Rigid
Mode A36 Mode S960 Mode Bainite
1 0.909599 1 0.935741 1 0.911021
2 0.29136 2 0.297646 2 0.292263
3 0.152012 3 0.152944 3 0.15362
30% Semi-Rigid
Mode A36 Mode S960 Mode Bainite
1 0.969406 1 1.010584 1 0.970402
2 0.310076 2 0.318885 2 0.310437
3 0.161038 3 0.162332 3 0.161115
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8.2 Nonlinear Static Pushover Analysis
Determining the strength of a structure is essential in the design process.
Capacity curves, which present the displacement of a structure under per-
manent vertical and gradually increasing loads, are used to determine the
structure strength. These capacity curves are obtained through nonlinear
static pushover analysis.
8.2.1 Capacity Curves
Capacity curves present the relationship between top displacement and base
shear force. The results of the sample system for 30% and 60% semi-rigid
and rigid frames are provided in Figs. 8.1 – 8.3.
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Figure 8.1: Base shear force versus top displacement curves for 60%
semi-rigid capacity frame
Figs. 8.1 and 8.2 show that shear capacity of normal steel is greater than
bainitic and conventional high strength steels. The main reason behind these
results is using web stiffeners in normal steel connections to increase the shear
capacity of the panel zone in order to prevent brittle failure of the connec-
tion. On the other hand, brittle failure of the bolts and column flange are
prevented by using thinner high strength end-plates, causing over-strength
of the connection is avoided.
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Figure 8.2: Base shear force versus top displacement curves for 30%
semi-rigid capacity frame
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Figure 8.3: Base shear force versus top displacement curves for rigid
capacity frame
Due to the fact that all steel grades for rigid frame are restricted in each
direction, their moment-rotation curves are identical. This also results in
identical capacity curves for each connection. The efficiency of rigid connec-
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tions is indifferent under the improvements in steel quality. Coelho (2006)
also validated this result experimentally.
Table 8.3: Maximum displacements of frames
Frame Types Max. Displacement
of Frame (mm)
30% Conn. A36 249.5
30% Conn. S960 184.5
30% Conn. Bainite 493
60% Conn. A36 172.4
60% Conn. S960 183.5
60% Conn. Bainite 220.9
Rigid Conn. A36 194.5
Rigid Conn. S960 194.5
Rigid Conn. Bainite 194.5
Maximum displacement of each frame is tabulated in Table 8.3. It is
observed that only 30% semi-rigid frame using bainite steel has exceeded
the allowed maximum displacement of 261 mm. As expected, maximum
displacement of the frame is increased gradually with the decrease in the
frame strength.
8.2.2 Target Displacements
Target displacement is used in static pushover analysis in order to control the
displacement of the system. Material properties used in connections do not
affect the target displacement. Target displacements of sample frames were
calculated using the coefficient method detailed in FEMA 356 (2000). As
expected, target displacements of frames are inversely proportional with the
connection capacity. From the calculations presented in FEMA 356 (2000)
the target displacements of 30%, 60% and rigid frames are found to be 174,
156 and 137 mm, respectively.
According to FEMA 356 (2000) acceptable boundaries for inter-storey drift
and joint rotation is given in Table 8.5
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Table 8.4: Target displacements of sample frames
Connection Capacity Target Displacement
30% Conn. A36 174
30% Conn. S960 174
30% Conn. Bainite 174
60% Conn. A36 156
60% Conn. S960 156
60% Conn. Bainite 156
Rigid Conn. A36 137
Rigid Conn. S960 137
Rigid Conn. Bainite 137
Table 8.5: Acceptable boundaries for inter-storey drift and joint rotation
Life Safety Collapse Prevention
Inter-storey Drift 2.5% 5%
Joint Rotation 0.028rad 0.035rad
8.3 Dynamic Time History Analysis
Static pushover analysis alone is not sufficient to determine the seismic per-
formance of a structure. Dynamic time history analysis is used to obtain
maximum base shear versus top displacement relations. The results of this
analysis are compared to the capacity curves obtained from static push-over
analysis. In the dynamic analysis of the sample frames, six far-field, and
four near-field records were used. In this study only natural records are
considered in dynamic analysis. The natural records used with this analysis
can be found in Appendix B. Inter-storey drift and joint rotation results are
obtained using this method and are presented in the next sections.
8.3.1 Inter-storey Drifts
Sample frames are analyzed using 10 natural records and storey drifts are ob-
tained from Zeus-NL. Maximum top displacements of each floor are provided
in Tables 8.6 - 8.8. Maximum displacement of different capacity frames are
depicted for normal steel, bainitic steel and conventional high strength steel.
Inter-storey drift values for different end-plates can be seen in Figs. 8.4 - 8.6.
For each connection capacity, four near-field and six far-field seismic records
are used. The results show that, maximum inter-storey drift for the first floor
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Figure 8.4: 1st floor inter-storey drift values
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Figure 8.5: 2nd floor inter-storey drift values
was obtained in 30% semi-rigid frame using A36 steel grade. The maximum
inter-storey drift for the second floor was obtained in 30% semi-rigid frame
using A36 steel grade. The maximum inter-storey drift for the third floor
was obtained in rigid frame. Maximum inter storey drifts are obtained under
near-field seismic records.
Maximum displacements of each floor are provided in Tables 8.6 - 8.8.
As seen from these tables, inter-storey drift of frames is not affected by
the strength of the material used in connections. A possible issue might
be that the columns and beams are identical for each frame. On the other
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Figure 8.6: 3rd floor inter-storey drift values
hand, semi-rigid frames have shown greater inter-storey drift compared to
rigid frame. The results also show that near-field records result in greater
rotation. Furthermore, none of the inter-storey drift values exceeded the
allowed maximum level specified by EN 1998-1-8 (2005b).
Table 8.6: First floor average inter-storey drift values in meters
Dist. A36 S960 Bainite
30% Conn
Near-Field 0.0067 0.0045 0.0045
Far-Field 0.0021 0.0015 0.0016
60% Conn
Near-Field 0.005 0.0047 0.0016
Far-Field 0.0018 0.0017 0.0018
Rigid
Near-Field 0.0053 0.005 0.0052
Far-Field 0.002 0.002 0.002
Table 8.7: Second floor average inter-storey drift values in meters
Dist. A36 S960 Bainite
30% Conn
Near-Field 0.0068 0.0047 0.0051
Far-Field 0.0021 0.0020 0.0020
60% Conn
Near-Field 0.0053 0.0052 0.0020
Far-Field 0.0022 0.0022 0.0022
Rigid
Near-Field 0.0059 0.0058 0.0059
Far-Field 0.0029 0.0029 0.0029
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Table 8.8: Third floor average inter-storey drift values in meters
Dist. A36 S960 Bainite
30% Conn
Near-Field 0.0068 0.0081 0.0103
Far-Field 0.0021 0.0023 0.0022
60% Conn
Near-Field 0.0079 0.0082 0.0022
Far-Field 0.0021 0.0021 0.0021
Rigid
Near-Field 0.0090 0.0091 0.0089
Far-Field 0.0028 0.0028 0.0028
8.3.2 Joint Rotations
The design code EC 1998-1-8 (2005b) restricts the rotations in the joints
under a maximum allowable limit. In order to ensure the design safety,
joint rotation results are compared with maximum rotation capacity of the
connections. The sample frame is subjected to six far-field and four near-field
natural records and the results of joint rotations were depicted in Figs. 8.7 -
8.9.
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Figure 8.7: 1st floor joint rotation values
Analysis results show that none of the connection rotations are exceeded
the limits of AISC code. Maximum joint rotation for the first floor was
obtained in 60% semi-rigid frame using bainitic steel grade. The maximum
joint rotation for the second floor was obtained in 30% semi-rigid frame
using bainitic steel grade. The maximum joint rotation for the third floor
was obtained in 30% semi-rigid frame using bainitic steel grade. Maximum
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joint rotations are obtained under near-field seismic records.
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Figure 8.8: 2nd floor joint rotation values
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Figure 8.9: 3rd floor joint rotation values
For the first floor, Table 8.9 shows that with 60% connection frame, S960
and bainitic steels have 23% and 56% joint rotations compared to A36 normal
steel for near-field records, respectively. Likewise, far-field records caused
joint rotations of 15% and 5% in S960 and bainitic steels, respectively. In
addition joints with 30% connection frames using A36, S960 and bainitic steel
grades have rotated 0%, 79% and 69% compared to 60% connection frame
with A36 steel grade for near-field records, respectively. far-field records show
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Table 8.9: First floor average joint rotation values in radians
Dist. A36 S960 Bainite
Avg. Ratio Avg. Ratio Avg. Ratio
60% Conn
Near-Field 0.0016 100% 0.0019 123% 0.0025 156%
Far-Field 0.0005 100% 0.0006 115% 0.0005 105%
30% Conn
Near-Field 0.0016 100% 0.0028 179% 0.0027 169%
Far-Field 0.0005 100% 0.0008 149% 0.0007 134%
Rigid
Near-Field 0 - 0 - 0 -
Far-Field 0 - 0 - 0 -
Table 8.10: Second floor average joint rotation values in radians
Dist. A36 S960 Bainite
Avg. Ratio Avg. Ratio Avg. Ratio
60% Conn
Near-Field 0.0025 100% 0.0026 106% 0.0029 117%
Far-Field 0.0006 100% 0.0007 115% 0.0006 102%
30% Conn
Near-Field 0.0024 99% 0.0037 149% 0.0045 183%
Far-Field 0.0006 100% 0.0009 155% 0.0008 144%
Rigid
Near-Field 0 - 0 - 0 -
Far-Field 0 - 0 - 0 -
that, 30% connection frame for S960 and bainite steel grade rotated 49% and
34%, more than A36 normal steel respectively.
For the second floor, Table 8.10 shows that with 60% connection frame,
S960 and bainitic steels have 6% and 17% joint rotations compared to A36
normal steel for near-field records, respectively. Likewise, far-field records
caused joint rotations of 15% and 2% in S960 and bainitic steels, respec-
tively. In addition joints with 30% connection frames using A36, S960 and
bainitic steel grades have rotated -1%, +49% and 83% compared to 60%
connection frame with A36 steel grade for near-field records, respectively.
far-field records show that, 30% connection frame for S960 and bainite steel
grade rotated 55% and 44%, respectively.
For the third floor, Table 8.11 shows that with 60% connection frame, S960
and bainitic steels have 78% and 91% joint rotations compared to A36 normal
steel for near-field records, respectively. Likewise, far-field records caused
joint rotations of 33% and 5% in S960 and bainitic steels, respectively. In
addition joints with 30% connection frames using A36, S960 and bainitic steel
grades have rotated 0%, +170% and 263% compared to 60% connection frame
with A36 steel grade for near-field records, respectively. far-field records show
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Table 8.11: Third floor average joint rotation values in radians
Dist. A36 S960 Bainite
Avg. Ratio Avg. Ratio Avg. Ratio
60% Conn
Near-Field 0.0027 100% 0.0048 178% 0.0052 191%
Far-Field 0.0006 100% 0.0008 133% 0.0007 105%
30% Conn
Near-Field 0.0027 100% 0.0073 270% 0.0099 363%
Far-Field 0.0006 100% 0.0013 214% 0.0012 184%
Rigid
Near-Field 0 - 0 - 0 -
Far-Field 0 - 0 - 0 -
that, 30% connection frame for S960 and bainite steel grade rotated 114%
and 84%, respectively. As expected, the rigid frame did not rotate.
Table 8.12: Maximum rotation of joints
FRAME TYPE 1st Floor 2nd Floor 3rd Floor
Rigid A36 0 0 0
Rigid S960 0 0 0
Rigid Bainite 0 0 0
P60 A36 0.0087 0.0087 0.0133
P60 S960 0.0074 0.0086 0.014
P60 Bainite 0.0088 0.0096 0.0142
P30 A36 0.0113 0.0114 0.0114
P30 S960 0.0069 0.0076 0.0145
P30 Bainite 0.0068 0.0091 0.0146
Table 8.12 shows that maximum joint rotations are below the maximum
allowed limits defined in FEMA 356 (2000). Maximum joint rotation is
observed at the third floor of the sample system utilizing 30% semi-rigid
connection frame with bainitic steel. It is also shown that maximum dis-
placement of 30% semi-rigid connection frame with bainitic steel exceeded
the maximum allowed limit.
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CHAPTER 9
CONCLUDING REMARKS
9.1 Discussion
Semi-rigid and rigid connections with three different strength steel plates are
investigated in this study. From the analytical results, time history data
related to story drifts of each floor of the structure are measured. The maxi-
mum displacement observed at the top floor is 9.8 inches, while the maximum
displacements on the first 4.3 inches. Also, base shears of three different ca-
pacity frames are measured with a maximum base shear of 269.7 kips for
semi-rigid frames. In bolted connections, the most common failure modes
are either ductile yielding of steel plates or bolt fracture. In this study, brit-
tle failure of the connection caused by bolt fracture is prevented and analysis
results show that yielding at the end plates is obtained. Thus the connections
exhibit ductile behavior. Connection developed rotation of 0.006 radians for
normal steel, 0.01 radians for S960 HSS and 0.014 radians for bainitic steel.
None of the connections are exceeding the limit value of 0.02 radians. On the
other hand, using bainitic steel in the connections, 15% reductions on the
width of end-plates and 27% reductions on the thickness of the end-plates
are obtained. Moreover, bolt sizes are significantly reduced for bainitic steel
connections. Reduction on the thickness of the end-plates even increased
using S960 HSS. Reduction on the thickness in S960 steel connections is 49%
compare to 27% bainite connection. However, width of the S960 extended
end-plates is 6% greater than bainitic steel end-plates. Moreover, bolt di-
ameters used in S960 connections are greater than bainitic steel connections
however smaller than A36 normal steel. Additionally, using bainitic and HSS
necessity of doubler and continuity plates on the connection are prevented.
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9.2 Summary
In this research, economical alternative low-rise buildings in high seismic
zones with energy-dissipative semi-rigid connection were investigated. Tree
different strength steel plates were used in the connections for each frame
types. The main aim of changing the strength of the steel in the connections
is to achieve thinner end-plates and smaller cross sections. Since connections
between structural members are the regions where the material is exposed to
higher deformation demands, minimizing the cross-sections of components
of connections using HSS as the beam-to-column connections can provide
economic benefits. Cross sections of beam and columns are determined by
the vertical loads of the system, thus beams sections and column sections are
identical for frames with normal steel connection, bainite steel connections
as well as for S960 conventional high strength steel connections. Smaller
cross section of columns is provided by designing the sample frames as semi-
rigid connections. When the frames are designed with reduced connection
capacities, column steel weight is only marginally decreased. In this study,
strong column weak beam approach is violated. This led us great saving in
column sections. On the other hand, the cross sections of beams used in
semi-rigid connections are increased in due to the fact that the stiffness of
semi-rigid connections is neglected during the design of beams under grav-
ity loads. Furthermore, using high strength steels the necessity of column
web stiffeners and continuity plates due to column web in shear and column
flange in bending is prevented. Geometry of the connections is founded by
using yield line method described in AISC design guide 16 and 4. Selection
of bolt diameters are mainly affects the required thickness of the end-plates.
Using thinner end-plates at the connections lead us to preventing required
bolt diameters due to avoid of brittle of bolts. When normal steel was used at
the connections, web stiffeners and continuity plates are used to increase the
shear strength of the panel zone and to increase the strength of the column
flange. On the other hand, since strength of column flanges are increased by
using high strength steels at the end-plates, required column flange thickness
was reduced. In the design of end-plate geometry, it is required to check
the minimum required thickness of column flanges. Calculations show that
using normal steel at the end-plates increases the required thickness of the
flanges. At this point, there are two things can be done. First, designer can
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change the column section or add web stiffeners at those points. However,
in our results it is shown that required thickness of the column flange is
reduced by using high strength steels. This provides us significant savings
in construction period and labor costs. In addition to that one of the most
important motivations of this research was investigating the ductility of new
HSS. Even though, due to its higher performance in tensile stress, toughness,
weldability, and corrosion compared to mild steel grades, using of HSS was
limited in the construction of buildings and engineering structures in highly
seismic areas. Lack of knowledge about the behavior of HSS in the litera-
ture was restricted the engineers not to use this material in highly seismic
zones. Results of analysis show that bainitic steel has greater ductility due to
its low yield ratio. Its material properties and manufacturing process show
that utilization of bainitic steels has environmental benefits. As discussed in
chapter 2, bainitic steel is the least expensive maximum strength steel known,
lighter than normal carbon steel which is depends the components and en-
vironmentally friendly due to its water cooling process. In addition to that
ten natural records are subjected to the three different capacity frames and
eigenvalue analysis, static pushover analysis and dynamic time history analy-
sis is conducted. According to analyses, all of the sample frames satisfied the
acceptance criteria and requirement of AISC seismic design preventions are
satisfied. When the results of 10 real earthquake motion records are investi-
gated, it is seen that decrease in the top displacement is generally observed
under some specific ground motions.
9.3 Future Research
Further study in the behavior of extended end-plate connections using bainitic
steel and HSS is beneficial before the definite recommendations can be made
about using semi-rigid frames in highly seismic zones. Bainitic steels have
been widely used in automotive industry for utilization of its very high
strength and great ductility. Besides, they have been also utilizing in trans-
portation industry basically in railways. However, there is still not any
beam to column connection application. Material scientists recommend that
bainitic steel has a great potential to be used in steel buildings. Thus it is
recommended to conduct experimental analysis.
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APPENDIX A
GEOMETRY OF CONNECTIONS AND
DESIGN PROCEDURE
Table A.1: Design Procedure
(3x9m) BAY- (2x3.60m & 4.20m) FLOOR -%60 FRAME
Stage: Multiple Row Extended
End Plate Connection
Designed By: Gulen Ozkula Date
CONNECTING MEMBERS
Column Section W12x106
Beam Section W21X73
Connection Restrained Factor 60%
COLUMN & BEAM CROSS SECTION PROPERTIES
Column Beam
W12X106 W21X73
Nominal weight per unit length W: 106 73 k/inlb/ft
Cross Sectional Area A: 3.12E+01 21.5 in2
Overall depth of member d: 12.9 21.2 in
Flange width bf: 12.2 8.3 in
Flange thickness tf: 0.99 0.74 in
Web thickness tw: 0.61 0.455 in
Dist. From flange face to web toe of fillet kdes: 1.59 1.24 in
Dist. From tip of flange to flange toe of fillet k1: 1.125 0.875 in
Workable gage gmin: 5.5 5.5 in
Plastic section modulus about the x-axis Zx: 164 172 in3
Mj,b1,Ed: 1 k.ft
Lefthand beam moment Mj,b2,Ed: -0.6 k.ft
Transformation β: 1.6
COLUMN & BEAM MATERIAL PROPERTIES
Section Material Minimum yield stress Fy: 50 ksi
Tensile Stress Fu: 65 ksi
A 992 Yield Ratio Ry: 0.7692
Modulus of elasticity RE: 29000
END PLATE MATERIAL
Plate Material Minimum yiled stress Fy: 67.73 ksi
Binite Tensile Stress Fu: 88.18 ksi
BOLT MATERIAL PROPERTIES
Bolt Material Nominal tensile stress Fnt: 113 ksi
Nominal shear stress Fnv: 75 ksi
A 490 Bolt number nb: 6
CONNECTION GEOMETRY
SELECTED DESIGN PROCEDURE
Design Procedures
Procedure 2 (Thin End Plate & larger Diameter Bolts)
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Table A.2: Design Procedure cont.
CONNECTION DESIGN MOMENT
Span of beam (column center to center) Lh: 29.527 ft
Shear at plastic hinge from load combination VD&L: 0 kips
Shear at the plastic hinge Vu: 65.039 KN
Expected moment at the plastic hinge Mpe: 10406 kip-in
plastic hinge dist. From face of column Lp: 10.6 in
Moment at the face of the column Mfc: 11095.4134 kip-in
Connection design moment Muc: 5160 kip-in
DESIGN PROCEDURE
DESIG PROCEDURE 2 (Thin End-Plate & Large Diameter Bolts)
Resistance factor for end-plate yield Φb: 0.9
Required end-plate thickness tp,req: 0.6889 in
Selected end-plate thickness tp: 0.6889 in
Nominal strength with end-plate yielding Mpl: 5733.3333 k-in
Connection strength with end-plate yielding ΦbMpl: 5160 kN.m
Trial bolt diameter db: 0.875 in
Width of end-plate per bolt w’: 3.3125 in
Dist. From interior bolt to the prying force ai: 1.71191 in
Flange force per bolt F’i: 35.54241 kips
Bolt prying force for inside bolts Qmax,i: 14.26254 kips
Dist. From outer bolt to the prying force a0: 1.5 in
Flange force per bolt F’0: 35.54241 kips
Bolt prying force for outside bolts Qmax,0: 16.27741 kips
Resistance factor for bolt rupture Φ: 0.75
Bolt tensile strength Pt: 67.9492 kips
Specified pretension Tb: kips
Nominal strength with bolt rapture Mq: 6372.9895 k-in
Connection strength with bolt rupture ΦMq : 4779.7421 k-in
End-plate thickness tp: 0.6889 in
Bolt diameter db: 0.875 in
Connection strength ΦMn: 5160 kn-in
SELECTED DESIGN PROCEDURE RESULTS
End-plate thickness tp: 0.6889 in
Bolt diameter db: 0.875 in
Connection strength ΦMn: 5160 kn-in
BEAM SIDE DESIGN
Connection design moment Muc: 5160 k.in
Selected bolt diameter db: 0.875 in
Selected end plate thickness tpl: 0.6889 in
Connection strength ΦMn: 5160 k.in
Shear at the plastic hinge Vu: 65.039 k.in
Factored Beam Flange Force
Factored beam flange force Ffu: 252.1994 ksi
Number of bolt rows resisting flange force n: 3
Shear Yielding of Extended Protion of End-Plate
Required shear str. of extended protion Rd: ksi
Resistance factor for shear strength Φ: 0.9
Design shear yileding strength ΦRn: 214.1652 ksi
Shear Rupture of Extended Protion of End-Plate
Required shear str. Of extended portion Rd: 236.9136 ksi
Resistance factor for shear strength Φ: 0.75
Net area of the end-plate An: 4.4778 in2
Design shear rupture strength ΦRn: 177.6852 ksi
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Table A.3: Design Procedure cont.
Compression Bolts Shear Rupture Strength
Resistance factor for shear strength Φ: 0.75
Number of bolts at the compression flange nb: 6
Nominal gross area of bolt Ab: 0.6013 in2
Design shear rupture strength ΦRn: 202.9457 ksi
Compression Bolts Bearing/Tear Out Strength
Resistance factor for bearing strength Φ: 0.75
Number of inner bolts ni: 4
Clear distance for inner bolts Lc,i: 1.6875 in
Nominal bearing strength of one inner bolt Rn,i: 123.0128 ksi
Number of outer bolts n0: 2
Clear distance for outer bolts Lc,0: 1.0625 in
Nominal bearing strength of one outer bolt Rn,0: 77.4525 ksi
Design bearing strength of comp. bolts ΦRn: 485.2172 ksi
COLUMN SIDE DESIGN (UNSTIFFENED)
Compression Bolts Bearing/Tear Out Strength
Resistance factor for bearing strength Φ: 0.75
Number of bolts n: 6
Clear distance Lc: 1.6875 in
Column Flange Strength for Flexural Yielding
Resistance factor for bending Φb: 0.9
Column flange yield line mech. Parameter Yc: 190.2007 in
Nominal column flange yield strength Mcf: 9320.7856 k.in
Design column flange yield strength ΦMcf : 8388.7070 kin
Equivalent unstiff. Column design force ΦRn: 410.0052 ksi
Local Web Yielding Strength
Resistance factor for web local yielding Φ: 1
Web thickness tw: 0.61 in
Factor for column end located joint Ct: 1
Dist. From flange face to web toe of fillet kc: in
Groove weld reinforcement leg size apf: 0.1875 in
Length of bearing N: 1.31754 in
Design local web yielding strength ΦRn: 369.5178 ksi
Web Buckling Strength
Resistance factor for web buckling Φ: 0.9
Web thickness tw: 0.61 in
Clear column web length h: 9.699 in
Design web buckling strength ΦRn: 608.6958 ksi
Web Crippling Strength
Resistance factor for web crippling Φ: 0.75
Web thickness tw: 0.61 in
Groove weld reinforcement leg size apf: 0.1875 in
Length of bearing N: 1.31754 in
Design web crippling strength ΦRn: 393.2455 ksi
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Figure A.1: Geometry of Connections
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APPENDIX B
NATURAL EARTHQUAKE RECORDS
Table B.1: Earthquake Records
1 CAPE MEND.
Eartquake Name Cape Mend. Distance from the source (km) 6.96 Max. PGA (g) 1.497
Magnitude 7.01 Record components CPM000 Max. PGV (cm/s) 127.4
Data Source PEER Soil Conditions 513.7 Max. PGD (cm) 41.01
Data Station Cape Mend. Analysis duration (sec) 22
2 DUZCE
Eartquake Name Duzce Distance from the source 6.58 Max. PGA (g) 0.348
Magnitude 7.1 Record components DZC180 Max. PGV (cm/s) 60
Data Source PEER Soil Conditions 276 Max. PGD (cm) 42.09
Data Station Duzce Analysis duration (sec) 20
3 LOMA PRIETA
Eartquake Name Loma Prieta Distance from the source 76.97 Max. PGA (g) 0.26
Magnitude 6.93 Record components EMY260 Max. PGV (cm/s) 41.1
Data Source PEER Soil Conditions 198.7 Max. PGD (cm) 8.4
Data Station Emeryville Analysis duration 25
4 GAZLI
Eartquake Name Gazli Distance from the source 15.2 Max. PGA (g) 0.718
Magnitude 6.8 Record components GAZ090 Max. PGV (cm/s) 71.6
Data Source PEER Soil Conditions 659.6 Max. PGD (cm) 23.71
Data Station Karakyr Analysis duration
5 IMPER. VALLEY
Eartquake Name Imper.Valley Distance from the source 2.7 Max. PGA (g) 0.6861
Magnitude 6.5 Record components HBCR140 Max. PGV (cm/s) 53.86
Data Source PEER Soil Conditions 223 Max. PGD (cm) 12.69
Data Station Bonds Cor. Analysis duration 20
6 IMPER. VALLEY
Eartquake Name Imper. Valley Distance from the source 12.45 Max. PGA (g) 0.364
Magnitude 6.5 Record components HE11140 Max. PGV (cm/s) 34.5
Data Source USGS Soil Conditions 196.8 Max. PGD (cm) 16.07
Data Station ElCentro#11 Analysis duration 20
7 KOCAELI
Eartquake Name Kocaeli Distance from the source 15.37 Max. PGA (g) 0.312
Magnitude 7.51 Record components DZC180 Max. PGV (cm/s) 58.8
Data Source PEER Soil Conditions 276 Max. PGD (cm) 44.11
Data Station Duzce Analysis duration 25
8 NORTHRIDGE
Eartquake Name Northridge Distance from the source 12.44 Max. PGA (g) 0.41
Magnitude 6.69 Record components LOS000 Max. PGV (cm/s) 43
Data Source PEER Soil Conditions 308.6 Max. PGD (cm) 11.75
Data Station Canyon C. Analysis duration 15
9 KOBE
Eartquake Name Kobe Distance from the source 19.15 Max. PGA (g) 0.212
Magnitude 6.9 Record components SHI090 Max. PGV (cm/s) 27.9
Data Source CUE Soil Conditions 256 Max. PGD (cm) 7.64
Data Station Shin Osaka Analysis duration 30
10 NORTRIDGE
Eartquake Name Northridge Distance from the source 5.3 Max. PGA (g) 0.843
Magnitude 6.69 Record components SYL360 Max. PGV (cm/s) 129.6
Data Source PEER Soil Conditions 440.5 Max. PGD (cm) 32.68
Data Station Slymar O.V. Analysis duration 15
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APPENDIX C
RELIABILITY ANALYSIS OF PARTIAL
RESTRAINED MOMENT END-PLATE
CONNECTIONS
C.1 Reliability Method
The reliability method takes into account the distribution of the original
variables. The original random variables can be normal, lognormal, indepen-
dent or dependent. The transformation to standard normal space becomes
non-linear when taking into account the distribution of the random vari-
ables. This form of reliability method allows for the determination of the
probability of failure of the limited state function by noting that the closest
point from the origin to the limit state surface has the riches probability.
The basic method for determining the closest point to the limit state surface
is by transforming the limit state function defined by the original random
variables into standard normal space. Statistical independent and depen-
dent constructed from Nataf was used to evaluate the probability of failure.
Initial beam and column sizes should be designed first for reliability anal-
ysis of partially restrained connections. One the initial column and beams
are determined, initial end plate connections should be establish to the sys-
tem as well. These parameters are bolt spacing and the type of bolts that
used. Selection of bolt diameters and bolt spacing was discussed in previous
chapters. Once the initial parameters and member geometry defined to the
system, moment-rotation curves were depicted due to Eurocode 8, compo-
nent base model. The ultimate moment which the connection was designed
for was taken as a fraction of the plastic moment capacity of the beam. The
fraction, ω, was taken to range between 0.2 to 0.8 to evaluate the behavior
of semi-rigid connections.
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Figure C.1: Beam line
Mcon = ωFyZx (C.1)
0.2 ≤ ω ≤ 0.8 (C.2)
Report chose this range to ensure that the connection moment-rotation
behavior was non-linear. End plate connection was designed for each ω value.
After determination of moment-rotation behavior of the connection based on
the tri-linear model, beam line was determined based on an arbitrary beam
length. An equivalent uniformly distributed load, q, was determined by
fallowing the fallowing equation for the uniformly distributed load q. This
equation is used by the principle of superposition;
FyZx + ωFyZx =
qL2
8
(C.3)
The determination of the non-linear moment rotation behavior and the
beam line based on the value of the uniformly distributed load produced
graphs which illustrates the behavior of the connection and the behavior of
the loading. This relationship was determined for all end-plate configurations
based on the ranging ω values. An example of the behavior is illustrated
below for ω=60.
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Figure C.2: Ratio of connection moment versus probability of failure
Once these parameters were determined, variability of the parameters was
introduced in this report. The random variables considered in the analy-
sis were the loading and the initial connection stiffness determined by the
component based method. The mean of the rotational stiffness was taken
from the component analysis and the load was calculated from (C.3). The
standard deviations of the rotational stiffness and the uniformly distributed
load were determined by assuming a level of coefficient of variation. The
coefficient of variation for the uniform distributed live load was taken to be
0.1. The coefficient of variation for the rotational stiffness was taken to be
0.2. These values were used based on the authors judgment. These random
variables were modeled as lognormal random variables and analysis was done
for correlation coefficients ranging from 0.0 to 0.90. With the introduction
of variability into the system, relationships of the variability in the system
was illustrated by plotting the non-linear moment rotation relationships and
the beam line including the upper and lower bound values of one standard
deviation away from the mean point. An illustration for the 60% connection
was given below;
When the variability was introduced into the system, FORM analysis was
then performed to determine the failure probability and related statistical
parameters. The limit state function for the reliability analysis was taken as
follows in the report,
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g(x) = Capacity− Dermand ≤ 0 (C.4)
g(x) = Mult,p −
qL3
24EI
1
R
+ L
2EI
(C.5)
where Mult,p was found from AISC Design Guide 16. The gradient functions
of the above equations was determined as follows,
dg
dq
=
RL3
24EI + 12LR
(C.6)
dg
dR
=
24EIqL3
(24EI + 12LR)2
(C.7)
In the report, FORM analysis was performed on the system for each value
of ω and corresponding end-plate configurations and rotational stiffnesss.
Analysis results of FORM analysis were given below,
Table C.1: Results of Reliability Analysis
139
C.2 Probability of Failure
The probability determined from the FORM analysis has a direct relationship
to the connection moment ratio. The probability was found very low for a low
connection moment ratio. In other words, when the connections are designed
as pinned connection then the probability of failure reduces. This is because
the connection inherently has moment capacity due to its geometric layout.
A moment couple resolves in the flanges of the beam is transferred to the
plate and through the bolts into the column. Modeling the connection as
a pinned connection is therefore an inaccurate representation of the joint
behavior. Therefore the small amount of load that is theoretically being
distributed to the connection, given by (C.1). This moment is easily resisted
by the capacity of the connection as determined by AISC Design Guide 16
and 4, therefore the probability that the demand exceeds the capacity is
fairly low, The results of the FORM analysis also illustrates that when the
connection is modeled as a fairly rigid connection, the probability if failure is
very high. This is because the connection includes the effects of prying action,
which allows for the connection to be distorted under loading resulting in a
non-linear moment-rotation behavior which falls in the same-rigid area.
This illustration shows that even for a reasonably high value if ω, the
moment rotation characteristics of the connection fall within the semi-rigid
behavior range. A fully restrained moment connection, moment-rotation
behavior diagram would be nearly vertical. This illustrates that modeling the
connection as fully-rigid is also an inaccurate depiction of the true behavior
of the connection. This results in the capacity of the connection being easily
exceeded by the demand on the system, resulting in a very high probability
of failure. Plotting the range of ω, values vs. the probability of the failure
of the system illustrates how the system performs. These results are shown
below.
This illustration shows that for an increasing correlation coefficient, the
probability of failure for each ratio of connection moment increases dramat-
ically. The effects of the correlation coefficient on the probability of failure
can be better illustrated with the following plots.
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Figure C.3: Ratio of connection moment ω vs. probability of failure
Figure C.4: Probability of failure vs. correlation coefficient (ω = 0.2)
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Figure C.5: Probability of failure vs. correlation coefficient (ω = 0.3)
Figure C.6: Probability of failure vs. correlation coefficient (ω = 0.4)
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Figure C.7: Probability of failure vs. correlation coefficient (ω = 0.5)
Figure C.8: Probability of failure vs. correlation coefficient (ω = 0.6)
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Figure C.9: Probability of failure vs. correlation coefficient (ω = 0.7)
Figure C.10: Probability of failure vs. correlation coefficient (ω = 0.8)
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